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ABSTRACT  
This thesis presents a comprehensive investigation of the advanced analysis, 
reliability-based design and optimisation of steel support scaffolding systems. 
Support scaffolding systems are used to provide temporary support to timber 
formwork systems, reinforcement, concrete, workmen and equipment, during the 
construction of permanent structures such as buildings and bridges. Stick-type 
steel scaffolds with cuplok joints are the focus of the thesis. 
This thesis includes the collection and statistical analysis of shore load effects 
occurring as a result of construction dead and live loads. A comprehensive series 
of U-head joint subassembly tests, allowed the top rotational stiffness to be 
rationally quantified for advanced finite element modelling. Advanced finite 
element models are calibrated using data compiled in a previous investigation 
involving eighteen full-scale tests. This calibration exercise also provides 
statistical data for modelling error. Monte Carlo simulations using advanced 
analysis are performed to determine the statistical distributions of system strength 
for a range of geometric configurations of support scaffold systems. The research 
showed that system strength was governed mainly by jack extension at the top and 
bottom of the scaffolding system.  
By incorporating the load statistics and system strength statistics, the thesis 
determined the reliability of various steel scaffolding systems designed by the 
fundamental Load-Resistance-Factor-Design (LRFD) equation. The study further 
proposed a more efficient LRFD equation for steel scaffolding, based on an 
acceptable target reliability index. 
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CHAPTER 1 –   INTRODUCTION 
 
1.1 Problem Statement 
 
Structural engineers focus on the design of permanent structures whereas the 
design of the temporary systems used to support them is analysed much less 
frequently. Literature suggests (Chapter 2) that very little attention has been given 
to these temporary structures to ensure they do not collapse as a result of peak 
loads, high winds, and load eccentricities et cetera. Furthermore, the 
consequences of steel scaffolding failure are potentially catastrophic so it is 
imperative that they remain structurally sound. This means that more accurate 
statistical information pertaining to load, resistance, and reliability is needed to 
optimise the load and resistance factor design (LRFD), as well as develop a 
reliable design model for steel support scaffolding systems.  
There are two types of temporary scaffolding systems, access and support 
scaffolding. Access scaffolds are lightly loaded and are used by workmen to reach 
different levels of the building with their equipment. Support scaffolds are the 
focus of this research because they must support the weight of wet concrete, 
workmen and equipment during construction. Once wet concrete has gained 
enough strength the support scaffolds are removed and reused multiple times, 
which makes them prone to damage that causes geometric imperfections. The 
degree of geometric imperfection occurring in scaffolding components has been 
investigated by others and will be described in Chapter 6.  
The consequences of steel scaffolding failure are catastrophic and may even result 
in fatalities. Coupled with the fact that 74% of scaffolding collapses while 
concrete is being poured (Hadipriono et al. 1987), there is an obvious need to 
understand and then design for construction loads more appropriately. This also 
validates the requirement to use advanced analysis to assess scaffolding as an 
entire system rather than as individual members.  
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There is a significant level of competition in the current Australian scaffolding 
industry where low margins lead to many support scaffolding failures that put 
worker’s safety at risk. Current practice is driven by the speed of erection and cost 
minimisation to maintain a competitive advantage. Therefore, ‘rules of thumb’ 
and trial and error methodology is used to reduce costs.. This was identified by 
the Partner Organisation (PO) to this research, Acrow Formwork and Scaffolding 
Pty Ltd, as a characteristic of some of their competitors. Epaarachchi et al. (2002) 
noted that the use of rapid construction techniques and pressure on contractors 
force faster cycle times and increase overall system risk. 
Most support scaffold systems have common components such as vertical 
standards, horizontal ledgers, diagonal braces and steel U-heads that support 
timber formwork at the top of the system, as Figure 1.1 shows. The interaction of 
the U-head and timber formwork (top boundary condition) presents a challenge 
for modelling by advanced finite element analysis. The top boundary condition 
was previously modelled with rotational and translational stiffness parameters 
determined from a calibration exercise with full scale tests (CASE, 2006), 
(Chandrangsu, 2010). Although calibration was useful, the actual magnitude of 
rotational stiffness occurring between the timber formwork and the U-head is a 
critical factor affecting the strength of the system, which is why the following 
research seeks to derive data of actual rotational stiffness.  
Past research has focused on the simple linear buckling analysis of scaffolding 
systems, as seen in Harung et al. (1975) and Lightfoot and Oliveto (1977), 
whereas the research community is currently focussed on geometric second-order 
structural analysis of large frame steel scaffold systems, such as those completed 
by Weesner and Jones (2001), Chan et al. (2002), Vaux et al. (2002) and Yu and 
Chung (2004). Current Australian design standards and design practices are 
rooted in permissible (allowable) stress design. Further, the Australian steel 
structures standard (AS4100, 1998) and formwork standard (AS3610, 1995), 
permits both advanced analysis and limit state design of steel structures, but since 
design by advanced analysis is a relatively new concept, and there is a distinct 
lack of data to accurately calculate system resistance (strength) factors, design by 
advanced analysis relies heavily on engineering judgment. On this basis, research 
into the probabilistic assessment of the strength (resistance capacity) of steel 
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scaffolding components was conducted as part of this thesis.  
 
                                 
Figure 1.1: Common Steel Scaffold System Configuration (Adopted from Acrow (2012)) 
 
A literary review (Chapter 2) revealed there is a need for more reliable support 
scaffolding designs. Probability-based design increases the reliability of these 
temporary structures and provides a theoretical probabilistic framework for 
analysing uncertainties, while addressing safety and establishing a necessary 
quantitative link between structural engineering and its social consequences 
(Ellingwood, 1994). The reliability and safety level incorporated in the current 
formwork design standard (AS3610, 1995) is based on past failures and empirical 
evidence. However to achieve certain levels of reliability and safety, the design 
standard must be based on sound statistical results to ensure that these temporary 
scaffolding systems are designed by known engineering principles, including 
advanced analysis. 
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1.2 Scope and Objectives 
 
The main contribution of this thesis is new construction shore load statistics, new 
top boundary stiffness values, and a new LRFD design equation based on 
probability theory. The author and project supervisors (Professor Kim Rasmussen 
and Dr Hao Zhang) determined the following project scope with guidance from 
the Partner Organisation (PO), Acrow Formwork and Scaffolding Pty Ltd, as part 
of a joint research project. The scope and objectives of this thesis are summarised 
below:  
a) Procurement of construction dead and live load statistical data through 
comprehensive site surveys. 
b) Experimental testing of the U-head joint to determine how it affects  the 
rotational stiffness of the top boundary. The moment-rotation results (joint 
stiffness) of these U-head component tests will be directly applied to the 
finite element models for advanced analysis.  
c) Development of a finite element model calibrated to eighteen full-scale 
tests (CASE, 2006). The model must be calibrated to both system strength 
and load-deflection responses.  
d) A system strength investigation using a Monte Carlo simulation to derive 
system resistance statistics for probabilistic analysis.  
e) Determination of an appropriate target reliability index     for a 
reliability-based investigation of scaffold systems within the LRFD 
framework.  
f) Determination of appropriate system resistance factors for various scaffold 
system configurations. 
g) Parametric study to investigate the system strength effects of diagonal 
bracing and spigot joints using advanced analysis. Further, a basic 
optimisation procedure to determine the most efficient selective bracing 
configurations. 
This thesis details the probabilistic assessment of the strength of steel scaffolding 
components that were conducted in full-scale tests, sub-assembly tests and finite 
element investigations. 
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1.3 Outline of Thesis 
There is a need for more reliable support scaffolding designs and a probability-
based design methodology not only answers this need, it also provides a 
theoretical probabilistic framework for analysing uncertainties, addressing safety, 
and establishing a necessary quantitative link between structural engineering and 
its social consequences (Ellingwood, 1994). This thesis will therefore investigate 
the reliability of the strength of steel scaffolding systems by probabilistic analysis 
using a rational statistical framework and advanced analysis results to address the 
lack of statistical information used to derive the Australian Formwork Standard 
(AS3610, 1995). The results will contribute to the ongoing research into creating 
a complete reliability-based design model for steel scaffolding systems.  
This thesis consists of ten chapters related to temporary steel support scaffold 
systems. Although Chapter 2 contains a literary review, each chapter contains a 
portion of previous research because there are several research areas being 
investigated in this thesis. The following presents a brief overview of each 
chapter.   
Chapter 2 is a literary overview and introduction to previous research into 
scaffolding, including current design practices and the statistical analysis of steel 
scaffolding systems. It outlines the history, classification, and materials used in 
scaffolding systems, including the components and joints used in its construction. 
The collapse of scaffolding structures is identified and analysed in order to qualify 
the various types of failure modes. The design process for scaffold systems based 
on the Australian Standards is explained, including an overview of the history of 
deterministic design methods such as the selection of load and resistance factors. 
Advanced analysis and probability-based design theory is then introduced to form 
a statistical basis for the design of safer and more economical scaffold systems 
using load and resistance factor (LRFD) design with a known target reliability 
   .  
Chapter 3 introduces loading and is a preface to the collection of construction 
dead and live load data that is detailed in Chapter 4. Chapter 3 also outlines the 
current requirement for loading while noting that horizontal loads for example, 
are not being considered for investigations (Chapter 4) because the top of the 
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system is arguably restrained. The chapter also documents the current statistics for 
occupancy loads on permanent structures, which are statistically certain and have 
already been investigated by many researchers. These statistics are then compared 
to construction loads on temporary structures that are statistically less certain and 
lack significant previous investigation. The stages of construction are also 
identified in this chapter. 
Chapter 4 provides a detailed synopsis of a one year survey of shore loads. Loads 
that occur during construction vary enormously and are statistically less certain 
because the scaffold system design has typically relied on engineering judgment, 
past experience, and an empirical understanding of the construction process; it 
appears that an engineered approach is becoming more and more applicable for 
these temporary systems. This one year survey into shore loads aimed to 
determine and compare the mean and nominal axial loads that occur in vertical 
shores. To that end, 188 shore load measurements were recorded in ten site 
investigations, accumulating valuable dead and live construction load data prior 
to, during, and post concrete pour. The focus being to derive accurate statistics for 
live and dead loads that occur in temporary structures, such that a more accurate 
Load and Resistance Factor Design (LRFD) equation can be determined. 
Chapter 5 explains component testing of one of the remaining unknown boundary 
conditions applicable to finite element models, the connection between 
components at the top of the scaffolding system. This connection is complex and 
presents a challenge for modelling by advanced finite element analysis. The 
chapter seeks to derive moment-rotation curves in a number of U-head component 
tests. The results were applied directly to the top boundary condition of the finite 
element models for advanced analysis.  
Chapter 6 describes the procedure for calibrating finite element analysis models to 
full-scale tests. A process of advanced analysis utilising geometric and material 
nonlinear finite element models is also described in order to compare the ultimate 
loads and deflection responses with the behaviour of full scale test results (CASE, 
2006). A total of eighteen finite element models that directly replicated the full-
scale models were created, including rotational stiffness, semi-rigid upright-to-
beam connections, spigot joints, brace stiffness, base plate eccentricities. Material 
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nonlinearity was taken into account using the Ramberg-Osgood expressions fitted 
to available experimental data. Actual initial geometric imperfections including 
member out-of-straightness and storey out-of-plumb were also incorporated in the 
models. The chapter also contains the ultimate load results and load-deflection 
responses for advanced nonlinear finite element models used as the basis for 
creating advanced analysis models for the Monte Carlo Simulations described in 
Chapter 7.  
In Chapter 7 the statistics for the mean strength of scaffold systems required for 
probabilistic studies in Chapter 8 are presented. Furthermore, the principles used 
to develop the finite element models in Chapter 6 were utilised to create 36 new 
finite element analysis models used for a Monte Carlo Simulation to determine 
the statistics for system strength. For each model, the Monte Carlo simulation 
process incorporated the statistics for various uncertainties in deriving the ‘mean’ 
system strength. The results of this ‘mean’ simulation were then compared to 
‘nominal’ models that used nominal or proposed parameters and material 
properties that were assumed to be elastic-perfectly plastic at the nominal yield 
stress (  ). Furthermore, after incorporating modelling uncertainty, the mean-to-
nominal ratio for the 36 configurations was calculated to derive system resistance 
statistics to be used for the probabilistic analysis described in Chapter 8. 
Chapter 8 presents a reliability analysis of support scaffold systems to determine 
the system resistance factors that can be used for design by advanced analysis 
according to the LRFD framework. Firstly, an appropriate target reliability index 
    for temporary scaffold systems was selected, and then an accurate statistical 
loading data (Chapter 4) was incorporated with newfound resistance statistics 
(Chapter 7) to determine the most appropriate system resistance factor based on 
the gravity limit state equation and a FORM calculation. This process enabled the 
most appropriate system resistance factor for any sized system and any jack 
extension up to 600mm to be determined, as well as being a new design equation 
for use in the current limit state gravity load combination for the Australian 
Standards (AS3610, 1995). Finally, the thesis also provides a recommended safety 
factor that is applicable for working load limit or permissible stress design.  
Chapter 9 describes the optimisation and determination of the strength of 
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scaffolding systems with various combinations of diagonal bracing. This chapter 
provides an academic understanding of how changing the bracing affects the 
strength of support scaffolding in calibrated finite element models. The results of 
simulating selective bracings are interrogated to understand the effects of 
reducing the bracing below the code requirements. Furthermore, an investigation 
into the detrimental effects of the spigot connection to ultimate strength was 
required. This connection is the vertical joint that connects each standard to form 
a lift or level in scaffolding systems. The spigot joint was known to cause failure 
in eight out of fifteen (62%) full scale tests performed at the University of Sydney 
(CASE, 2006). Additional full scale tests were outside the scope and funding of 
this research so an analytical investigation utilising finite element models was 
performed.  
Chapter 10 presents the conclusions of this research, acknowledges the assistance 
provided by others and makes recommendations for future research. 
 
1.4 List of Publications 
 
During this research work the following research reports, conference and journal 
papers were published, accepted, or submitted for publication. 
Research reports: 
Reynolds, J., Zhang, H., Rasmussen, K.J.R (2013), “Shore Load Monitoring 
During Construction. Research Report No R940.” Centre for Advanced Structural 
Engineering, School of Civil Engineering, University of Sydney. 
Reynolds, J., Zhang, H., Rasmussen, K.J.R. (2013), “U-head Formwork 
Subassembly Tests. Research Report No R941.” Centre for Advanced Structural 
Engineering, School of Civil Engineering, University of Sydney. 
Reynolds, J., Zhang, H., Rasmussen, K.J.R. (2013), “Optimisation of Scaffolding 
Systems. Research Report No R942.” Centre for Advanced Structural 
Engineering, School of Civil Engineering, University of Sydney. 
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Conference papers: 
Reynolds, J., Trouncer, A., Zhang, H. and Rasmussen, K.J.R. (2010). “Reliability-
Based Limit State Design of Steel Scaffold Frames”, Proceedings of the 4th 
International Conference on Steel and Composite Structures (ICSCS10), 21 - 23 
July 2010, Sydney, Australia. 
Reynolds, J., Zhang, H. and Rasmussen, K.J.R. (2012). “Shore load monitoring 
during concrete placement”, Proceedings of the 50th Annual conference on 
experimental stress analysis (EAN), page 369-376, Tabor, Czech Republic. 
Reynolds, J., Zhang, H. and Rasmussen, K.J.R. (2012). “Survey results of shoring 
loads during concrete placement”, Proceedings of the 6th International Forum on 
Engineering Decision Making (IFED), page 20-26, January 26 - 29, 2012, Lake 
Louise, Canada. 
Reynolds, J., Zhang, H. and Rasmussen, K.J.R., Li, Q. (2013). “Shore load 
monitoring during concrete placement”, Proceedings of the 11th International 
Conference on Structural Safety and Reliability (ICOSSAR), June 16 - 20, 2013, 
Columbia University, New York. 
Reynolds, J., Zhang, H. and Rasmussen, K.J.R., (2012). “Bracing Optimisation 
and Finite Element Model Simulation of Steel Support Scaffolding Systems”, 
Proceedings of the 2nd International Conference on Simulation and Modelling 
Methodologies, Technologies and Applications (SIMULTECH 2012), July 28 - 31, 
2012, Rome, Italy. 
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CHAPTER 2 - LITERATURE REVIEW 
 
2.1 Introduction 
 
This chapter is a literary overview and introduction to previous research, current 
design practice, and the statistical analysis of steel scaffolding systems. It first 
identifies the history, classification, and materials used in scaffolding systems, 
including the components and joints used in their construction. Previous 
scaffolding collapses are identified and analysed in order to qualify the various 
types of failure modes. An overview of the history of deterministic design 
methods, including the selection of load and resistance factors will then be 
completed, as will the introduction to non-linear structural analysis and current 
formwork design standards. The physical uncertainties of support scaffold 
systems are also described, including load eccentricity and load path uncertainty, 
geometric imperfection uncertainty, joint stiffness and model uncertainty. 
Probability based design theory is also introduced to form a statistical basis for the 
load and resistance factor design (LRFD) equation that will be established at the 
conclusion of this thesis. In essence this chapter presents previous literary 
evidence and recommendations for modelling, analysing and designing scaffold 
systems. 
 
2.2 Scaffold Systems 
 
Scaffolding systems are used as temporary support for structures under 
construction or needing repair. Their primary function is to support various types 
of loads such as vertical loads imposed by workmen, construction equipment, and 
construction materials. Scaffolds must also be designed to withstand lateral loads 
such as wind loads, impact loads, and earthquake loads.  
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2.2.1 History 
The utilisation of scaffolding dates back to ancient Greece. The exterior of the 
Berlin Foundry Cup depicts a bronze workshop which utilised wooden 
scaffolding in 5
th
 Century BC (Zimmer 2008), and it is also well documented that 
scaffolding was used as support structures in ancient Egypt and the Roman 
Empire. 
 
2.2.2 Materials  
Many types of materials have been used for scaffolding; timber and bamboo were 
once common and bamboo is still predominantly used across Asia. In western 
countries the industrial revolution paved the way for cold formed circular hollow 
steel sections that were considered advantageous due to their high strength (in 
both tension and compression). Cold formed sections are modular in nature and 
are typically erected and dismantled each time they are used. Furthermore, their 
slender cross section results in an efficient material utilisation in mass production 
and transportation, although in recent years the drive for efficiency in construction 
has paved the way for aluminium scaffolding because it is lighter and easier to 
handle, and it reduces the gross tonnage for transportation. Aluminium is yet to be 
used in the Cuplok system of the Partner Organisation (PO) to this research, 
Acrow Formwork and Scaffolding Pty Ltd so aluminium scaffolding is not 
considered in this research.  
 
2.2.3 Steel Scaffolding Classification 
Scaffolding is classified as either access or support, depending on its application. 
Access scaffolds are typically used around the perimeter of buildings and provide 
vertical access on a construction site. Access scaffolds are designed to support 
small loads such as workers and their equipment. They are usually configured as a 
single bay that is tied to a building for lateral stability, as seen in Figure 2.1 (a). 
Support scaffolds are typically referred to as ‘false work’ and are used as 
platforms to support timber formwork for reinforced concrete slab construction. 
They are typically heavily loaded under the weight of formwork, newly poured 
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concrete, stacked materials, as well as construction workers and their equipment. 
Support scaffolds are the focus of this investigation and can be seen in Figure 2.1 
(b). 
 
 
                                 (a)                                                              (b) 
 
 
Support scaffolding systems are used to support timber bearers which pass 
through the top “U-head” connection. These bearers are orientated along their 
strong axis and typically span between three or four U-head connections. Timber 
joists are then placed on top of the bearers in a perpendicular direction at various 
centres, typically 500mm apart, depending on the thickness of the slab. A 17mm 
laminated plywood panel deck is then applied, without mechanical fixity, onto the 
joists. Wet concrete is then poured onto this timber deck to form a slab. This 
entire timber system is known as the ‘formwork system’ (refer to Figure 2.2), and 
is subsequently supported by the scaffolding system or ‘false work system’. In 
some cases metal decking products such as Bondek, and Condek, are used as lost 
formwork. In these cases the metal deck spans across the timber bearers with no 
need for plywood or joists.   
 
 
Figure 2.1: Typical scaffold systems: (a) access scaffold, and (b) support scaffold 
Chapter 2 – Literature Review 
    _____________________________________________________________ 
13 
 
Figure 2.2: Falsework and Formwork Components  
 
2.3 Scaffold Configurations 
 
Support scaffolding systems are common forms of temporary support within the 
Australian construction industry and their configuration and component usage 
have remained the same for many years due to the high cost of replacing 
inventory. Support scaffold systems are typically constructed from a modular 
system of circular hollow steel (CHS) tubes and feature joints which allow the 
system to be easily assembled for quick erection, dismantling, and transportation. 
Scaffolding systems vary in height from 1.2m to 25m and consist of a number of 
lifts (storeys) that are constructed using vertical ‘standards’, as seen in Figure 2.3. 
These lifts are between 1.0m and 2.5m apart and are connected vertically by a 
spigot joint. The lateral separation of standards is known as the bay size and it is 
dictated by the size of ‘ledger’ used, which varies from 0.7m to 2.5m. The 
versatility of scaffolding systems means that their configuration in all three axes 
can be varied depending on the requirement. The common configurations of steel 
support scaffolds includes standard door type, knee braced door type, and stick 
type. Each of these configurations can be seen in Figure 2.4. 
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Figure 2.3: Typical components and configuration of a single bay scaffolding system 
 
This thesis considers only stick-type steel support scaffold systems with cuplok 
joints, specifically the Acrow Formwork and Scaffolding Supercuplok 
Scaffolding System. Stick-type scaffolding systems consist of a slender 
framework of ledgers (horizontal members), standards (vertical members), braces 
and jacks. Figure 2.4 Figure 2.3(f) shows a typical ‘stick-type’ single bay steel 
scaffold system.  
Scaffold systems can be adapted to a particular job so their height can increase 
from one storey (lift) to seven storeys as well as having many horizontal bays 
(rows), depending on the type of construction. Being a temporary structure, 
scaffold members are reused from one job to another, and geometric 
imperfections, particularly in highly loaded standards, are typical. 
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Figure 2.4:Various types of scaffold unit: (a) simple (knee-braced) door type; (b)-(e) standard door 
type; (f) Stick construction with Cuplok joints or wedge-type joints 
 
2.3.1 Standards and Ledgers 
The standards (vertical members) are connected to create a lift via connections 
known as spigot joints (Figure 2.5). To connect ledgers (horizontal members) to 
standards, Cuplok or wedge-type joints (Figure 2.6) are usually preferred because 
no bolting or welding is required. The steel tubes used for standards and ledgers 
typically have an outside diameter between 42 mm to 48 mm and a wall thickness 
of 3 mm.  
 
2.3.2 Cuplok 
The Cuplok joint is the proprietary joint system used by the PO in their 
superCuplok system and will be the focus of this thesis. A Cuplok joint is utilised 
because it transfers a partial bending moment at the joint due to a higher joint 
stiffness at the Cuplok connection. A Cuplok connection is known to increase the 
strength and load carrying capacity of scaffolding.  
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2.3.3 Bracing 
Diagonal bracing is needed to stabilise the system and transfer the horizontal 
loads; it is typically connected by simple brace hooks for rapid assembly, as seen 
in Figure 2.7 (a). The PO uses a brace member constructed from two telescopic 
tubes to adjust the length of the brace. Diagonal bracing members are shown in 
Figure 2.3.  
 
2.3.4 Jacks 
At the top of a scaffold system there are adjustable U-head steel screw jacks that 
keep the formwork level and help it support the loads, including the timber 
formwork and concrete. These top jacks (Figure 2.9) extend to a maximum of 
600mm, whilst the jacks at the base of the scaffolding (Figure 2.8) can be adjusted 
by up to 600mm with large wing nuts to ensure a level setup on uneven ground.  
 
                                          
Figure 2.5: Schematic of spigot joint 
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Figure 2.6: Schematic of (a) Cuplok joint; and (b) wedge-type joint (Adopted from Chandrangsu 
(2010)) 
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Figure 2.7: Schematic of brace connections: (a) hook connection; and (b) pin connection (Adopted from 
Chandrangsu (2010)) 
 
 
Figure 2.8: Schematic of jack base (Adopted from Chandrangsu (2010)) 
               
Figure 2.9: Schematic of U-head jack (Adopted from Chandrangsu (2010)) 
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2.4 Scaffold Collapse 
 
The collapse of scaffolding is not only an economic burden it can also put lives in 
danger. A significant amount of research exists which suggests that failures of 
reinforced concrete structures that occurred during construction are in many cases 
traceable to the collapse of scaffolding systems (Hadipriono, 1987) and (Carper, 
1987). The failure of scaffolding at the John Hancock Centre in the US (Zimmer, 
2007), highlights the potentially fatal consequences of overlooking the design and 
safety of scaffolding systems. Furthermore, the Guangxi (China) Medical 
University library accident in 2007 (Zhang, 2008), killed seven construction 
workers and is yet another recent example of a catastrophic failure of steel 
scaffold systems. Although only temporary structures, the failure of scaffold 
systems often has tragic consequences for workers and the general public, as well 
as large legal and financial costs. There is therefore a practical need to understand 
why scaffolding systems have collapsed and what measures are needed in the 
design process to mitigate the risk of failure.  
 
2.4.1 Findings from Scaffold System Failure Case Studies 
In order to minimise future failures one must investigate past failures which will 
justify the implementation of risk mitigating strategies in new codes of practice. 
In most cases failure occurs due to an inadequate evaluation of the load and 
strength of the material in formwork design. The following section documents the 
results of forensic investigations regarding the main reasons for the collapse of 
scaffold systems. These were adapted from Peurifoy (1995). 
 
2.4.1.1 Bojnourd Cement Factory, Iran 
During construction of a bypass clinker silo at the Bojnourd Cement Factory the 
scaffolding system support structure collapsed and the freshly poured 600mm 
thick concrete slab dropped 11.5 metres to the ground. This led to the death of 
three construction workers, the injury of seven others, and a one month delay in 
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the project. A forensic engineering investigation used finite element software 
analysis, the modelling of scaffolding configurations and various analyses to 
consider the presence and absence of proper lateral bracing and P-delta effects 
(Pisheh, 2009). The main reasons for this collapse were adapted from Peurifoy 
(1995) and were determined to be: 
 Inadequate shoring or support elements 
 Incorrect stripping and shore removal 
 Insufficient bracing of members 
 Poor control of the rate of concrete placement 
 Improper or inadequate connections in the vertical elements of scaffolding  
 Improper or inadequate bearing detail 
Just like the Acrow Supercuplok system the forensic investigators noted that 
44mm (internal diameter) scaffolding tubes were used, which was 12mm more 
than the diameter of the connecting bar. This caused a void to form in the joint 
and subsequent eccentricity in the upper and lower elements that caused P-delta 
effects which increased the stresses and reduced the strength of the system 
(Pisheh, 2009). It is known that the P-delta effect can increase internal forces by 
40% or more (Rutenberg, 1982).  
 
2.4.1.2 Willow Island, West Virginia, United States 
The collapse of a cooling tower on April 27, 1978, at a power station being 
constructed at Willow Island caused 51 construction workers to die. The cooling 
tower had reached a height of 61m of its planned 131m. Construction was being 
completed on lift 29 meaning the scaffolding was being supported by lift 28 
which had been placed the previous day, when the collapse occurred (Lew et al., 
1982). A team from the National Bureau of Standards and the Occupational 
Safety and Health Administration (OSHA) board nominated the following actions 
as triggering events: 
 Scaffolding was attached to concrete that did not have time to cure 
 A concrete hoist system was modified without an engineer’s review 
 Contractors were rushing to speed construction  
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This failure demonstrated the critical nature and importance of measuring the in 
situ concrete strength before commencing a critical operation (Wright, 2003). 
 
2.4.1.3 Riley Road Interchange, East Chicago, Indiana 
On April 15
th
, 1982, three spans of the Riley Road elevated highway interchange 
freeway ramp collapsed, killing thirteen construction workers and injuring 18 
others. The first of the three 180ft spans collapsed entirely, destroying the 
stairway and leaving workers stranded on the two remaining spans. Five minutes 
after the initial collapse, approximately 160ft and 135ft of the second and third 
adjoining spans collapsed, respectively.  
 
                          
Figure 2.10: Collapse of the Riley Road Interchange Ramp under construction (Adopted from (Wright, 
2003)) 
 
At the time of failure the scaffolding structure bore all the dead and live load since 
post-tensioning of the fresh cast-in-place concrete structure had not occurred. The 
National Bureau of Standards (NBS) determined that when a concrete pad 
supporting the scaffolding tower cracked it triggered the collapse, although there 
were other “significant “ contributors to the disaster, including (Wright, 2003) : 
 Omission of wedges between stringers and crossbeams (that is, bearers 
and joists) 
 Lack of stabilisation of scaffolding towers against longitudinal movement 
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 Inadequate strength of the concrete pads 
 Poor weld quality in the U-heads supporting cross beams at the top of the 
scaffolding towers 
The forensic investigation highlighted the importance of careful design of the 
temporary support system components used in concrete construction (Wright, 
2003).  
 
2.4.1.4 Skyline Plaza Apartment Tower, Virginia 
On March 2, 1973, a significant portion of the Skyline Plaza Apartment tower and 
parking garage collapsed whilst concrete pouring was occurring on the 24
th
 floor 
and shoring removal was occurring on the 22
nd
 floor. The load and impact forces 
that resulted caused a progressive collapse of the entire parking garage under 
construction adjacent to the tower (Leyendecker, 1977). The collapse resulted in 
the death of fourteen construction workers both in the tower and in the parking 
garage, with another 34 workers injured.  
 
                            
Figure 2.11: Progressive collapse of Skyline Apartments whilst under construction (Adopted from 
(Wright, 2003)) 
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An investigation by the NBS and other forensic engineers concluded that the 
following were to blame (Wright, 2003):  
 The premature removal of shoring on the 22nd floor caused a punching 
shear failure of the slab around one or more columns on the 23
rd
 floor. 
 The weight of the debris then caused the lower floors to fail for the full 
height of the building.  
 
2.4.2 Main Causes of Scaffolding Failures 
There are very significant findings from the forensic investigations of each 
scaffolding failure from which clear evidence exists that amongst other causes the 
main reasons for scaffolding collapses are:  
1. Overloading of scaffolding systems 
2. Poor professional design and judgement 
3. Insufficient strength and bracing  
Furthermore, in a report by Hadipriono (1987) it was determined that 74 percent 
of scaffolding collapses between 1961 and 1982 occurred during the pouring of 
concrete, and the main cause was overloading. Epaarachchi and Stewart (2004) 
found that errors related to reinforcement cover and concrete workmanship 
contributes to overall system risk. The other significant cause of failure was the 
premature removal of formwork, inadequate bracing, the absence of inspection, 
and poor design and vibration from equipment. Although this data is arguably out 
of date, more recent studies have confirmed these results. In Peng et al. (1996a) 
study of high clearance scaffolds the possible causes of collapses were identified 
as overloading of the scaffold systems, instability of shoring components, partial 
loading of wet concrete whilst in the formwork, the placement pattern of concrete, 
and a concentration of load due to placement. Milojkovic (2002) documented that 
the most common cause of access scaffolding collapse was insufficient tying to a 
permanent structure. Other structural faults included the settlement of supports, 
out-of-plumb and out-of-straightness of standards, and overloading and 
inadequate bracing. 
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2.4.3 Scaffold Failure Modes 
Since steel scaffolding is a temporary structure the serviceability limit states do 
not generally govern design, so the ultimate limit state design is critically 
important. Due to the slender form of scaffolding, ultimate failure generally 
occurs because of buckling. The two most common types of buckling are out-of-
plane and in-plane buckling (as seen in Figure 2.12), with standards buckling in a 
single or double curvature depending on the boundary support conditions and the 
system configuration. The critical mode of failure is found from the relative 
stiffness of the connecting members in each direction. In a series of vertical load 
tests undertaken by Yu and Chung (2004) with multi-storey door-type steel 
scaffold, it was determined that both single and double storey scaffolds buckled 
out-of-plane and deflected in single and double curves, respectively. The in-plane 
direction was found to be substantially stiffer since the door-type design results in 
a substantially stiffer frame in the in-plane direction. Yu and Chung (2004) 
confirmed this observation after measuring large displacements of the standards 
during failure in the plane of the cross bracings.  
                                   
Figure 2.12: Out-of-plane and In-plane failure modes (Adopted from Chandrangsu and Rasmussen 
(2006)) 
 
Portal frame type scaffolding was also tested by Huang et al. (2000) who 
performed experimental tests on one-to-three storey knee braced portal frame 
scaffolds (Figure 2.13). Again, the one storey scaffold failed out-of-plane, while 
the two and three storey scaffolds showed in-plane buckling failure. Peng et al. 
(1996) found that the deformation modes of high clearance steel scaffolds were 
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dependent on the relative strength between the steel scaffold frames and the cross 
braces providing lateral stability. A three dimensional analysis determined that if 
the cross braces offered more lateral support the scaffold units would deform in-
plane. 
                       
Figure 2.13: Schematic failure modes of one-to-three storey knee braced portal frame scaffold 
 
2.5 Analysis, Modelling and Design of Scaffold Systems 
 
Applied loads and the resistance capacity of temporary structures are often 
unpredictable and further complicated by a lack of statistical data. Structural 
reliability methods and design standards provide the tools for managing 
uncertainties in modern codified structural design. The consequences of 
uncertainty and the risk related to each must be evaluated to determine its effect. 
Inherent in any design standard is an evaluation of the acceptable levels of risk 
that should be tolerated. Structural design standards identify those natural and 
artificial forces that must be considered to ensure adequate safety and 
serviceability, and provide criteria for checking the minimum levels of structural 
resistance required to meet these forces (Ellingwood, 2001). It is therefore 
intuitive to understand that engineering involves matching an appropriate level of 
safety with economical design. The current load and resistance factor design 
(LRFD) equations nominated in the Australian Standard for formwork and steel 
structures (AS3610, 1995) and (AS4100, 1998), are based on the performance 
measures expressed as notional reliabilities of structural components (Ellingwood, 
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2001). These structural codes are built on an acceptable level of risk that has 
historically been achieved through allowable stress design.  
 
2.5.1 History of Deterministic Methods of Design 
The development of current reliability based load and resistance factor design 
(LRFD) has its origins rooted in allowable stress design which requires that the 
stresses resulting from loads are less than a working stress level, based on 
successful similar past experiences. The design 
standard committee typically specified the value of 
allowable stress as some fraction of the mechanical 
properties of the material (for example, the ultimate 
tensile strength). A permissible safety level was 
assumed to exist if the elastically determined 
stresses did not exceed the allowable working 
stresses, which were a fraction of the yield strength.  
That is: 
   
             
       (2.1) 
where     accounts for the permissible stresses derived from the strength of the 
material and    are the expected applied stresses. The safety factor (generally 
nominated in design standards) existed to reduce the material strength or the 
resistance properties and was traditionally selected on past experience, 
experimental observations, accepted practices, and even using a ‘professionals 
feelings about the relative variability of various materials’ (Ellingwood, 1980). 
However, the allowable stress design did not guarantee a constant level of safety 
for all structures, nor did it account for the effect that different types of loads had 
on each other, for example, when one load counteracts the effects of another. 
Load factor theory was deterministic and used factors to increase the expected 
loads on a structure in order to ensure that the resistance was satisfactory. A 
structure will collapse if the factored sum of loads (  ) are greater than the 
resistance     of the structure or member. That is,        . In contrast to the 
Allowable Stress Design 
Partial Factor Theory 
Load and Resistance 
Factor Design (LRFD) 
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allowable stress design which analyses a structure at a member level, the load 
factor method is applied to the structure in its entirety and took into account the 
consequences of failure and the possibility of unknown loadings. The partial 
factor design equation was applied as: 
  
   
 ∑      
(2.2) 
where the nominal resistance capacity and loads are   and    , respectively. 
These were divided and multiplied by the partial resistance and load factors 
   and    respectively. However, although these safety factors were sufficient, 
higher expectations by the public, faster evolution of design and construction 
methods, the advancement in engineering computer aided design, and an age of 
litigation with respect to recent natural disasters, have forced the engineering 
profession to seek modernised standards. 
It was partial factor theory that was adopted by engineering standards committees 
and later become known as load and resistance factor design (LRFD). LRFD 
design moved away from deterministic methods towards probability-based design. 
As a result, the reliability-based design of structures has become a part of modern 
structural engineering that also affects how the risk of failure is managed in 
structural standards.  
2.5.2 Non-linear Structural Analysis (Advanced Analysis)  
The advancement of structural analysis software and computing power has 
allowed non-linear structural analysis to be performed. Non-linear analysis is used 
to determine the structural capacity of many types of structures by modelling 
changes in the geometry of a structure as a result of loading. Non-linear Finite 
Element Analysis (FEA) allows for a more accurate prediction of the failure load 
and deformation of structures. FEA is highly advantageous over full scale or 
model scale testing because it allows any number of tests to be completed and 
parameters to be varied. Advanced analysis using FEA software increases the 
speed of analysis over conventional methods as well as allowing for a system 
strength check to be completed in a timely manner instead of tedious member 
checks. Weesner and Jones (2001) confirmed that commercial software packages 
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do provide a reasonable upper bound prediction of ultimate capacity, and also 
argued that with FEA, scaffolding companies would be able to provide safer and 
more reliable installations in a more efficient manner. 
Most researchers have focussed on non-linear geometric modelling associated 
with second order effects because scaffolding members are slender, causing 
instability. In fact, elastic geometric non-linear analyses were documented by 
Peng et al. (2007), Prabhakaran et al. (2006), Yu et al. (2004), Chu et al. (2002) 
and Weesner and Jones (2001). Furthermore, Gylltoft and Mroz (1995) and Chan 
et al. (2002) analysed models considering the non-linear material and geometric 
imperfections. Researchers are now utilising FEA software to model more 
complex load situations. Research by Godley and Beale (2001) utilised 
combinations of imposed loads, dead loads, and wind loads of different 
magnitudes for both ‘in-use and out-of-service conditions’, within their Finite 
Element (FE) model.  
 
2.5.3 Two Dimensional and Three Dimensional Models 
Early research by Huang et al. (2000) and Peng et al. (1997) into scaffolding 
systems investigated simple two-dimensional frames, but the recent advances in 
computational performance and finite element analysis software has allowed three 
dimensional analysis capabilities and a range of uncertainties such as load 
eccentricity and geometric imperfections to be considered in non-linear analysis. 
Recent three dimensional scaffolding systems analysis has been performed by 
Prabhakaran et al. (2006), Milojkovic et al. (2002) and Chandrangsu and 
Rasmussen (2009b). 
 
2.5.4 Modelling Scaffolding Systems using Simplified Equations 
Attempts have been made to address the complexity of modelling scaffolding 
systems using simplified equations which model the ultimate load capacity by 
using experimental test results and structural analysis models. One of the earlier 
simplified equations proposed by Peng et al. (1998), for finding the critical 
Chapter 2 – Literature Review 
    _____________________________________________________________ 
29 
buckling loads used a sway frame concept and suggested the following simple 
formula for finding critical buckling loads: 
    
    
      
 
(2.3) 
These authors were able to determine that     was a close and fairly conservative 
approximation of the more accurate three dimensional non-linear analysis model. 
In further research into high clearance scaffolding systems Peng et al. (1996b) 
developed the “set concept” which used the relationship between the number of 
scaffold sets and the critical load of the system. The set concept was able to 
estimate the critical loads of the system, for example a one-bay, two-row, two-
storey scaffold would consist of four sets of scaffold units, so by multiplying the 
critical load of one scaffold unit with the number of sets (four in this case), the 
critical load of the scaffold could be approximated. The authors determined that 
with or without shores, the ratio of critical load was constant for a given number 
of storeys. By this reasoning, if the critical load of scaffolds without shores is 
known, then the critical load of scaffolds with shores of the same number of bays, 
rows, and storeys can be computed. This computation is simply a multiplication 
of the former value by the proposed ratio and these were presented in research by 
Peng et al. (1996b). Huang et al. (2000) calibrated the critical loads of the 
experimental values to the failure modes and the critical loads of the 
computational results. The results demonstrated that the modified values could be 
taken as the critical loads of the scaffolding system for any number of storeys, as 
Figure 2.14 shows. Further research by Huang et al. (2000) included the use of a 
two dimensional analytical model to derive a solution for the critical load of knee-
braced scaffolding systems. This solution was derived from an eigenvalue 
methodology (bifuracation method) to the elastic buckling condition. The critical 
loads were calculated as functions of the number of storeys, the section properties 
of the scaffolds and the material properties. The following Figure 2.15, illustrates 
the assumptions of the model; that is, the frame buckled in-plane at the first storey 
and all the members behaved elastically. 
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The analytical solution and simplified equation; 
                                      (2.4) 
where   = number of storeys;   = effective length factor; and   = one-storey 
height of the scaffold unit. From Equation (2.4),    could be solved and applied 
as the effective length to compute the critical load.  
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Figure 2.15: Assumptions of proposed analytical model (Adopted from Huang et al. (2000)) 
Figure 2.14: Computational critical loads based on two-dimensional model (Adopted from Huang et al. 
(2000)) 
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2.5.5 Effective Lengths 
Identification of the effective length of a column is critical to the design processes. 
Researchers Yu et al. (2004) have suggested values for the effective length of a 
column based on buckling analysis models because the amount of end restraints in 
the vertical standards of scaffold systems is difficult to determine. The effective 
length coefficients of door-type steel scaffold systems were conservatively 
assumed to be 1.6 for idealised boundary conditions. The effective lengths for 
door-type steel scaffolds were back calculated from finite element models with 
the various boundary conditions and were found to be in the range of 1.06 to 1.40 
(Yu et al., 2004). In a separate investigation, an effective length of 1.2 times the 
height of each storey was suggested by Harung et al. (1975).  
 
2.5.6 Bracing Systems 
Diagonal cross bracing is a critical factor in the stability of a system, as will be 
investigated in Chapter 9, because it can also increase the load carrying capacity 
and reduce the effective lengths of scaffold systems (Yu et al., 2004). In a study 
of V-type and N-type bracing (as seen in Figure 2.16) in two storey scaffold 
systems, Peng (2004) identified that V-type bracing was twice as stiff as N-type 
bracing. Furthermore, the research demonstrated that diagonal bracing is an 
efficient restraint to the system because small lateral displacements were 
calculated as opposed to scaffold systems without bracing.  
In a separate investigation Peng et al. (1996b) identified that bracing the exterior 
in-plane surface of a high-clearance bamboo scaffold system, led to a 20% 
increase in load carrying capacity. However, where the exterior out-of-plane 
surface was braced, no significant improvement was identified. It was noted by 
Chandrangsu (2010) that further research on bracing configuration would be 
useful in determining the optimum design of scaffold systems. 
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Figure 2.16: Two layer shoring system with V-type and N-type bracing 
 
2.5.7 Effect of Load Path 
Support scaffolding typically experiences variable load paths because concrete is 
generally poured from a kibble (bucket) or a concrete pump. However, since the 
design of steel scaffolding assumes uniform loads, researchers investigated 
whether variations in load paths affect structural stability. Three different 
sequential load patterns (L, R and U-shaped) in 3-storey scaffolds were studied by 
Peng et al. (2003), as seen in Figure 2.17. For each load pattern the sequential 
load path were examined and compared to uniform loads. It was found there was a 
negligible difference between the load paths from UDL and load paths from L, R 
and U-shaped load patterns, which confirmed the results of earlier research Peng 
et al. (1996). This result also allows load paths to be disregarded from the load 
surveys conducted in Chapter 4. 
 
 
 
 
 
 
 
Figure 2.17: R, U and L-shaped Load patterns, respectively 
(Plan View) 
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2.5.8 Ultimate load of scaffolding systems 
Peng (2004) investigated how the load carrying capacity was affected by the 
length of horizontal timber stringers, vertical shores, the stiffness of stringers and 
the position of strong shores. This research revealed that the load carrying 
capacity of a system could be increased by adding strong shores (vertical shores 
with horizontal bracing). Furthermore in an unsymmetrical arrangement of strong 
shores (Figure 2.18 (c) and (d)), when the length of the horizontal stringer 
increased or the stiffness of the horizontal stringer decreased, the ultimate load 
carrying capacity of the system was reduced. However, in a symmetrical 
arrangement of strong shores, (Figure 2.18 (a) and (b)), the ultimate loads were 
not affected by an increase in the stiffness of stringers. Peng (2004) found that 
varying the lengths of the vertical shores had different effects on the system 
depending on the arrangement of the strong shore; indeed strong shores were 
deemed to be not as effective when used at the outermost positions as opposed to 
an inner location of the system. In fact it was determined that the strength of the 
system only increased when strong shores were added, but not when extra leaning 
columns were added. 
An investigation into the strength of scaffolding was performed by Yu et al. 
(2004), to investigate the effects of changing the boundary conditions and the 
number of storeys. Scaffolds of up to three storeys were analysed and it was 
determined that the load carrying capacity of two and three storey scaffolds was 
only 85% and 80% of a single storey scaffold, respectively, due to the large 
variation in buckling behaviour. Furthermore, in experimental tests the load 
carrying capacity varied between 50% and 120% when the top and bottom 
boundary conditions were altered. 
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Research regarding the correlation of load carrying capacity and the number of 
storeys of shoring has already been conducted (Huang et al., 2000). The research 
showed that the strength of a system decreased rapidly when its size decreased 
from two to eight storeys. A conservative 16% reduction in strength in door-type 
scaffold systems occurred after an initial imperfection of 1.5% (by notional 
horizontal force) was applied at mid-height by Peng et al. (1997). More notably, 
the relationship between the initial imperfection and reduction in the ultimate load 
of a system was deemed linear. Peng et al. (1997) also determined that with long 
shores installed, the ultimate load carrying capacity of a scaffolding system was 
only 25% of its capacity without long shores. Further investigations by Peng et al. 
(1996a), found that the optimum load carrying capacity of high clearance steel 
scaffolds with shoring occurred between three to six storeys, whereas scaffolds of 
eight or more storeys were deemed inefficient and not recommended due to a 
large reduction in strength.  
 
 
Strong Strong shore 
Leaning column 
Strong 
Strong Strong shore 
Leaning column 
Strong shore 
Stringer Stringer 
Stringer Stringer 
 (a)   (b) 
 (c)   (d) 
Figure 2.18: Elements of simple scaffolding systems (adopted from Peng (2002)) 
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2.6 Australian Formwork Standards 
 
The Australian Formwork Standards (AS3610, 1995) set out requirements for the 
design, fabrication, documentation, erection and stripping of formwork for 
concrete placement. Furthermore, it provides information regarding loading to be 
considered in the design of formwork and scaffolding systems. The standard 
considers analysis and design by both limit state and permissible stress methods.  
 
2.6.1 Design by AS 3610 (1995)  
The Australian Standard AS3610 (1995) specifies the load combinations and 
loads to be applied in the design of formwork and scaffolding assemblies. AS3610 
(1995) requires formwork assemblies to satisfy three limit state criteria: 
- Stability - The formwork assembly shall resist overturning, uplift, sliding 
and side sway under the action of all appropriate load combinations. 
- Strength - The formwork assembly and its component members shall 
withstand the effects of all appropriate load combinations. 
- Stiffness - The stiffness shall be such that deformations under the 
appropriate loading on the formwork assembly and its component 
members does not exceed the limits specified in this standard.  
However in most steel support formwork designs the strength limit state criteria 
usually governs the design, and it is satisfied when: 
       
  
(2.5) 
Where   is the system resistance (strength reduction) factor,     is the design 
ultimate resistance of the scaffolding determined in accordance with the limit state 
procedures, and    is the design action effect due to the most adverse limit state 
design load combination given in AS3610 (1995) Table 4.5.1. 
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2.6.1.1 Stages of Construction 
As mentioned earlier, AS3610 (1995) specifies both the load combinations and 
loads to be applied in the design of formwork and scaffolding assemblies. These 
consist of vertical loads such as dead loads, imposed loads (concrete), live loads, 
and material loads, as well as horizontal loads such as wind loads, and earthquake 
loads. AS3610 (1995) requires that loads imposed on a formwork assembly are 
divided into stages which also coincide with stages of the construction cycle as 
noted in chapter 3: 
Stage I: Prior to placement of concrete. Includes the loads imposed during 
handling and erection of formwork as well as once the formwork is 
erected but prior to concrete placement. 
 Stage II: During placement of concrete. 
Stage III: After placement of concrete, and until the concrete is able to 
support the applied loads.  
In Stage I of construction, prior to concrete placement, formwork shores are 
erected to support the dead load from the weight of formwork and reinforcement, 
as well as the imposed construction live loads from stacked materials, workmen, 
and other construction activities. However in Stage II of construction, during 
concrete placement, the erected shores support the aforementioned Stage I loads 
as well as the weight of the concrete including the extra load resulting from the 
mounding of concrete. Further, at Stage II, shores must be able to resist any 
dynamic effects from concrete placement as well as the imposed loads from the 
workmen and equipment who vibrate and finish the concrete slab.  
 
2.6.1.2 Design Action Effect, S* 
In consideration of the requirements of AS3610 (1995) to determine the design 
action effect (  ) for scaffolding, the worst case vertical load combination from 
Table 4.5.1 AS3610 (1995) must be considered. The following two equations (2.6) 
and (2.7) represent the most adverse of two situations, where the first represents 
the effects of the weight of formwork and concrete plus an allowance for the 
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weight of workmen and equipment; and the second, the effect of the weight of 
formwork and concrete plus an allowance for the localised mounding of concrete. 
                               
 ⁄      (2.6) 
or                         
 ⁄    (2.7) 
where    is the weight of formwork (dead load),    is the weight of concrete 
(including an allowance for steel reinforcement),     (construction live load) is 
an imposed action of           for weight of workmen and their equipment,  
(construction live load) is an imposed action for the weight of stacked material, 
and    is an allowance for localised mounding of concrete (        
  over a 
square area of 1.6m x 1.6m at any location, and zero over the remainder). 
Note: It is impractical to stack material on wet concrete so it is assumed that 
            during concrete placement. 
Hence the design equation that will be considered in this thesis is known from the 
Australian Standards (AS3610, 1995) as: 
 
                  ⁄       (2.8) 
 
Where   and   are the dead and live loads, respectively. The load safety factors 
suggested by the Australian Formwork Standard (AS3610, 1995) are arguably 
deterministic, based on engineering judgement and past experience, and satisfy a 
minimum level of safety based on past failures. Currently formwork engineers 
from the PO, Acrow Formwork and Scaffolding Pty Ltd, do not use the limit state 
design because they argue that it leads to overdesign, so they utilise a safety factor 
applied to the resistance portion of the equation based on a working load limit, 
that is, allowable (permissible) stress design. On this basis the author of this thesis 
will also be considering an appropriate safety factor based on load and resistance 
statistics calculated as part of this thesis.  
In addition to load requirements, AS3610 (1995) also requires nominal 
eccentricities, initial out-of-straightness of standards as well as out-of-plumb to be 
taken into account, each of which will be discussed herein. 
Chapter 2 – Literature Review 
    _____________________________________________________________ 
38 
2.6.1.3 Eccentric Loading  
Clause 4.4.3 of (AS3610, 1995) requires that all compression components should 
account for eccentricity of loading because it reduces the axial capacity of 
scaffolding systems by introducing bending moments into members. The design 
eccentricity (e), noted in (AS3610, 1995) takes account of: 
1. eccentricity arising from irregular bearing surfaces 
2. eccentric vertical loads 
3. eccentricity due to out-of-plumb erection of shores 
4. any additional out-of-straightness not covered by the relevant material code. 
For example, AS 4100 (1998) takes into account initial out-of-straightness of 
L/1000 but AS 3610 permits only L/300 which leaves a nominal additional 
out-of straightness of L/ 400 (L/300- L/1000) to be considered. 
The design eccentricity of a member is detailed in Clause 4.4.3 (b)(ii) and is given 
by: 
                                                                                                (2.9) 
Where e” is the expected eccentricity, taken as the lesser of 
a)          
b) 0.25 times the width of the bearer  
c) 40 mm 
Where    is the stiff portion of bearing of an end plate and L represents the 
overall length of the strut (in this case the distance from the base plate to the 
underside of the bearer), as seen in Figure 2.19.  
                                        
Figure 2.19: Illustration of Load Eccentricity (Adopted from AS 3610, Figure 4.4.1) 
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It must be noted that the value of design eccentricity e at each end of a vertical 
member may be different so (AS3610, 1995) Supplement 2-1996, recommends 
that a bending moment from the maximum eccentricity value be assumed to apply 
over the entire length of the member.   
 
2.6.2 Design using the Australian Standards 
The formwork design standards, (AS3610, 1995), incorporates a provision that the 
design of steel support scaffolding should also comply to the relevant material 
standard, which in this case is the Australian Standard for Steel Structures 
(AS4100, 1998). The design procedure nominated in AS4100 is detailed herein 
and has also been summarised in Chandrangsu (2010). This procedure can be 
directly applied to determine the load carrying capacities of steel standard: 
 
1. The area and the second moment of area,   and  , are calculated as in 
Equation (2.10) and (2.11) respectively. 
                                                          ⁄      
    
                                   (2.10) 
and 
        ⁄      
    
                                       (2.11) 
2. The radius of gyration can be obtained from     √  ⁄ , and the form 
factor    is taken as 1 when the slenderness,    (
  
 
) (
  
   
)      for 
circular tubular members; otherwise    
  
  
⁄  where     outside 
diameter of the section,   = wall thickness of the section,    is the yield 
strength of the column tube,     effective area of the section specified in 
Clause 6.2.4 (AS4100, 1998) and     = gross area of the section. The 
compression member constant,    is taken as -0.5 for cold-formed steel 
tubes.  
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3. The effective length,   , is computed as      where     member effective 
length factor determined from Clause 4.6.3 in (AS4100, 1998) and    
actual length of the standard between restraints. 
 
4. The modified compression member slenderness,    , is then computed by: 
                                                
   
 
 √
  
   
⁄                                        (2.12) 
 
5. The compression member factor,    is defined as: 
 
                             
              
  
               
                                   (2.13) 
 
6. The elastic buckling load factor,   , is given by: 
 
                                                                              (2.14) 
    
7. To account for member imperfection, the compression member 
imperfection factor,  , is calculated as: 
 
                                                                   (2.15) 
 
8. The modified compression member factor,   , is defined as: 
 
                                  
    ⁄  
       
      ⁄  
 
                                     (2.16) 
 
Chapter 2 – Literature Review 
    _____________________________________________________________ 
41 
9. The slenderness reduction factor,     is determined as: 
 
                                                   (   √   
  
  
  )                              (2.17) 
 
10. The nominal member capacity,     is then computed by: 
 
                                                                                    (2.18) 
 
To obtain the design member capacity, the capacity reduction factor,  = 0.9 is 
applied to   .  
2.6.3 Findings from a comparison of National Standards  
It is evident that international formwork and scaffolding design standards 
demonstrate consistent and comparable design recommendations so before 
determining any load and resistance parameters, the validity of these standards 
was assessed and compared to recent research. Research performed by 
Ikaheimonen (1997) and Ferguson (2003), compared and contrasted the design 
estimates from standards and found that the current Australian Formwork 
Standard (AS3610, 1995) underestimated the maximum load in shores compared 
to the actual measurements of loads in shores. Further Ikaheimonen (1997) and 
Ferguson (2003) found that as the thickness of concrete increased the current limit 
state design in (AS3610, 1995) appeared to be less conservative than international 
practice. Furthermore, research has shown that a critical review of the current 
Australian standards is required since: 
1. Hadipriono and Wang (1987) showed that almost half of all falsework 
failures in concrete structures occurred during concrete placement during 
construction. 
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2. The general safety risks and probability of structural formwork failure is 
higher during construction than in the service life of the permanent 
structure (Ferguson 2003). 
3. There has been a unanimous finding that during concrete placement, the 
actual load in formwork shores differs from predictions. This was proven 
by a number of researchers ( (Fattal 1983), (Ayoub 1994), (Peng, 
Rosowsky, et al. 1996), (Rosowsky 1997), (Kamala 1994) and 
(Ikaheimonen 1997)). This can be accounted for because current design 
methods in Standards (particularly (AS3610, 1995)) tend towards  
underestimation.   
4. Current Australian Formwork Standards (AS3610, 1995) departs from 
previous Australian standards (written in 1984) as well as current 
international practice without any conclusive reasons.  
 
2.7 Model Error and Advanced Analysis 
 
The three types of uncertainty; load eccentricity, geometric imperfection and joint 
stiffness are considered by Melchers (1999) to be ‘physical uncertainties. These 
uncertainties are due to the inherent random nature of the basic variables and are 
referred to by Ellingwood (2001) as ‘aleatory’ uncertainties. Melchers (1999) 
suggested there are additional uncertainties, ‘model uncertainties’ that arise from 
assumptions and inputs when modelling using finite element analysis. Other 
researchers Chandrangsu and Rasmussen (2009b) confirmed Melchers (1999) 
predictions and suggested that these sources of model error arise from ‘simplified 
boundary conditions, idealised moment-rotation relationship of joints and 
discretisation error of the FEA’. Since model uncertainty must be accounted for in 
developing probability-based codified design (Ellingwood, 1980), these sources 
of model error must be examined so the determination and incorporation of model 
error will be described in Chapter 7.  
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2.7.1 Discretisation Error of FEA 
Discretisation error occurs because of the way FEA software calculates 
differential equations and the ultimate strength of steel scaffolding systems. 
Discretisation error has been ignored since a parametric investigation ruled out 
any significant effects in a number of FE models. 
 
2.8 Probability Based Advanced Analysis and Design 
 
Safety is a function of the maximum load (or combination of loads) imposed on a 
structure throughout its design life. On the other side of the design equation (2.21), 
safety is also a function of the strength or resistance capacity of the structure. 
Safety is therefore a function of how much greater the Resistance     is to the 
amount of Load     applied to a structure. That is,                 The 
lifetime maximum load and actual resistance of a structure is difficult to predict 
because any prediction is subject to uncertainty so having no risk of failure is not 
economically justifiable. Furthermore, safety may only be assured in terms of the 
probability that the available resistance (structural strength) will withstand a 
maximum load or load combination.  
Limit State Design involves the consideration of different scenarios under which a 
structure will cease to fulfil its intended function. The two limit states most 
commonly designed for are: 
Serviceability Limit State: failure from normal operations which causes 
deterioration of routine functionality. This includes unacceptable deformations, 
excess vibrations, and structural defects. 
Ultimate Limit State: failure and collapse of structure as a result of catastrophic 
losses of structural strength and stiffness. This includes loss of structural 
equilibrium, achievement of maximum resistance, and collapse due to buckling. 
In literature, design by advanced analysis has been performed for steel frames, as 
reported by (Buonopane and Schafer, 2006), (Li and Li, 2004), (Buonopane et al., 
2003), and (Kim and Chen, 1999). Advanced analysis software applies a load to 
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the system until its ultimate strength is reached. The adequacy of the structural 
system can be readily evaluated by comparing the system ultimate strength 
(φsystemRn) with the applied factored loads (ΣγiQi). The design is satisfactory if:  
ΣγiQi ≤ φsystemRn     (2.21) 
 where γi = load factors, Qi = nominal design loads, φsystem = system resistance 
factor and Rn = nominal system strength determined by advanced analysis.  
Probability based limit state design is defined as the probabilistic determination of 
load and resistance factors to ensure that a particular limit state of design is not 
violated and hence the design is deemed to have an assurance of safety and 
reliability in performance. In the presence of uncertainty, absolute reliability is an 
unattainable and uneconomical goal, and yet probability theory and reliability-
based design provides a formal framework for developing criteria for design 
which ensures that the probability of failure is acceptably small (Ellingwood, 
1980). Probability or reliability based design methods allow engineers to design 
structures more economically and safely through greater accuracy and efficiency 
of load and resistance factors. It is generally accepted that probability based limit 
state design is vastly superior to deterministic design methods (allowable stress 
design) because the variability in material resistance and type of load can be 
considered specifically and independently. Probability theory and structural 
reliability methods make it possible to select safety factors that are consistent with 
a desired level of performance therefore achieving a more uniform performance in 
structures (Ellingwood, 1980).  
 
2.8.1 Reliability of Structures  
The conceptual framework for structural reliability and probability-based design 
is determined from the classical reliability theory described by (Freudenthal, 
1956), (Ang and Tang, 1984), (Cornell, 1969) and (Ellingwood, 1980). This 
theory is a basic mathematical model that enables the reliability of structures to be 
analysed from the load and resistance terms (which are assumed to be random 
variables). The basic structural reliability concept is to determine the probability 
of failure      of the structure, as defined by: 
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          ∫             
 
 
 .    (2.22) 
where R is the load carrying capacity or resistance of the system,   is the load 
effect and both are modelled as random variables. Equation (2.22) is derived 
using the statistical information used to describe the probability of load and 
resistance terms. The model firstly relates the resistance and load variables for a 
particular limit state:  
                      (2.23) 
where   is the load or resistance variable and failure occurs when    . It is 
possible to apply an element of safety to design by assigning a small probability 
   to an event where the limit state (usually ultimate limit state) will be reached:  
   ∫  (          )              (2.24) 
where    is the joint probability density function for the load and resistance 
variables (     …), with the integration performed over    . As mentioned 
previously, failure can be simplified to include just resistance (R) and load (Q), 
and if these variables are dimensionally consistent a failure event will occur when: 
                           (2.25) 
Such that the probability of failure equation becomes;      
                      ∫             
 
 
  (2.26) 
where   is the load carrying capacity or resistance of a system,   is the total load 
effect and both are modelled as random variables. Furthermore,        is the 
limit state function and the region of failure is found where         .       is 
the cumulative distribution function of resistance, and       is the probability 
density function of  . The above Equation (2.26) can also be described 
diagrammatically as Figure 2.20 shows. 
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Figure 2.20: Basic structural reliability problem (adapted from Ellingwood and Galambos (1982)) 
 
An analysis of    provides a basis for quantitatively measuring the structural 
reliability in steel scaffolding by first determining the statistical data for load and 
resistance. Once the load and resistance statistics have been determined the first 
and second order moments, that is the mean and variance, may be known with 
certainty. Thus the method of first-order and second-moment (FOSM) reliability 
analysis can be used to linearise the variables. This will be described in Section 
2.9.  
 
2.8.2 Probability of Failure Findings 
For the purposes of quantifying risk, the probability of failure of a structure is 
determined and then converted into an appropriate target reliability index    , as 
described in Section 2.8.4. Table 2.1 shows that the probability of failure is often 
calculated for permanent structures but rarely for temporary structures. These 
failure probabilities will then be converted to a target reliability index  .  
There are very few examples of risk quantification in current codes, although the 
final project draft of Eurocode 1(BS/EN1991_1-7, 2006) describes various levels 
of risk for structures due to ‘accidental actions’. Accidental actions are loads of 
significant magnitude, but of short duration, that are unlikely to occur over the 
lifetime of a structure but are required to be considered in design. The Eurocode 
draft states that: 
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“In practice, the occurrence and consequences of accidental actions can be 
associated with a certain risk level. If this level cannot be accepted, additional 
measures are necessary. A zero risk level, however, is unlikely to be reached and 
in most cases it is necessary to accept a certain level of residual risk. This final 
risk level will be determined by the cost of safety measures weighed against the 
perceived public reaction to the damage resulting from the accidental action, 
together with consideration of the economic consequences and the potential 
number of casualties involved. The risk should also be based on a comparison 
with risks generally accepted by society in comparable situations.”  
Although this section concerns accidental actions it can be directly related to risk 
acceptance levels in scaffolding structures. It is the principals of risk 
quantification that are key here, and therefore the risk acceptance by society in 
similar situations must be compared to scaffold collapse. It was noted (Duckett, 
2004) that an earlier version of the Eurocode recommended that in the ‘absence of 
quantification of consequences and economical optimisation, a failure probability 
of           
     ) was appropriate for accidental actions’. Quite prudently, 
the latest Eurocode (BS/EN1991_1-7, 2006) does not give this level of detail. A 
number of published documents made recommendations for failure or load 
criteria and these are summarised in Table 2.1. McCann (1986) suggested that the 
probability of dam failure is 5x10
-5
/yr, which means that approximately 1% of all 
dams fail within twenty years of construction. 
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Table 2.1: Probability of Failure Findings 
Author and Publication Reliability findings 
Eurocode 1, Part 2.7 refers in a note to 
ISO (Draft Proposal DP 10252): 1995. 
Accidental Action due to Human 
Activities 
Accidental actions have an assessed 
probability of less than    
            for any structure  
AASHTO LRFD Bridge Design 
Specification and Commentary) 
(AASHTO, 1994) 
 
Critical Bridges: The annual frequency 
of collapse, of critical bridges shall be 
equal to, or less than          
     . 
(0.01 in 100 years) 
Regular Bridges: The annual frequency 
of collapse of regular bridges shall be 
equal to, or less than         
     . 
(0.1 in 100 years). 
(McCann, 1986) 
 
US Dams is          
       
US Buildings is          
      
(Menzies, 1996) Bridges less than 20m of    
            
(in close agreement with the annual 
failure probability quoted in Eurocode 1) 
 
It must be noted that Table 2.1 refers to the actual failure rates and this thesis will 
be calculating the notional failure rates. The reliability findings in Table 2.1 give 
similar magnitudes for the acceptable failure criteria, generally around    
            for important structures. This gives a 1% probability of failure for a 
one hundred year life of the structure, which seems high especially if this was to 
be used for temporary structures. It is important to note that these acceptable risks 
are well below the current levels of chronic disease, being 10
-3
/yr (Ellingwood, 
2001)). In a report regarding the rationalisation of safety factors and serviceability 
factors in structural codes (CIRIA, 1977), it was suggested that a rational target 
total risk of failure might be taken as: 
    
    
  
          (2.27) 
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where     is the probability of failure due to any cause during the design life (   
years),    is the number of people at risk in the event of failure and    is given 
the following values. Places of public assembly such as dams 0.005; Domestic, 
office or trade and industry 0.05; Bridges 0.5; Towers, masts offshore structures 5. 
Equation (2.27) was utilised for a parametric investigation to determine the     for 
temporary structures, depending on their design life and the number of people at 
risk. As Figure 2.21 shows, the probability of failure for a design life of one year 
should be          
      for five people at risk or          
      for ten 
people at risk. Again this is based on the recommendations of the (CIRIA, 1977) 
report.  
 
Figure 2.21: Probability of Failure Results 
A review of risk described in Figure 2.21 indicates there is a consistency in 
acceptable levels of risk for structural engineering, measured in terms of annual 
probability, although the x-axis scale is based on structures of a temporary nature. 
In summary, a review of literature shows there is a range of failure probabilities 
for permanent structures which are useful for comparison to temporary structures.  
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2.8.3 Target Reliability Index 
The Target Reliability Index     is an alternate measure for the probability of 
failure      and is related to the standard normal distribution function     such 
that;     [  ]. The main findings of target reliability for both temporary and 
permanent structures, and for both members and systems can be found in Chapter 
8. It is evident in the sheer volume of literary findings regarding target reliability 
that earlier research has focused on member design and member target reliability.  
 
2.9 LRFD Formula 
 
Current probability based structural codes manage risk through utilisation of 
partial safety factors in the Load-Resistance Factor Design (LRFD) equation. In 
order for a designer to comprehend the complexity of Equation (2.22), a more 
practical LRFD formula is provided: 
 
    ∑             (2.28) 
  
Where    is the nominal resistance, which is determined according to the design 
procedure,    represents the nominal design loads,   represents the resistance 
factor, and    represents the load factors. Critically, since the load factors     , for 
dead and live loads are known from the design standards (AS3610, 1995), the 
system resistance factor           can be determined from reliability analysis 
using FORM or FOSM, to achieve a target reliability index for the scaffold 
system. Both FORM and FOSM procedures are described below and a complete 
description of these methods are documented in (Melchers 1999) and (Nowak and 
Collins 2000). 
 
Chapter 2 – Literature Review 
    _____________________________________________________________ 
51 
2.9.1 First-Order, Second-Moment Method (FOSM) 
FOSM is a method for estimating the probability of failure and is so called 
because of the way it characterises uncertainty in the variables and linearisations 
performed during the reliability analysis (Ellingwood, 1980). FOSM was 
developed by Cornell (1969) and later by Hasofer and Lind (1974). With this 
method the reliability of a system and its corresponding reliability index     can 
be calculated. The selection of an appropriate linearization point is key and may 
be determined by the ‘Mean Value Method’ or the ‘Advanced Methods’ described 
by Ellingwood (1980). 
 
The integration of Equation (2.26) can be approximated by the FOSM method. 
Where   and   are statistically independent normal or lognormal distributions 
with the following probability functions:  
 
    [ 
     
√  
    
 
]   [  ]  (Normal Distribution)   (2.29) 
    [ 
      ⁄  
√  
    
 
]    (Lognormal Distribution)  (2.30) 
 
Where   is the standard normal distribution function,    is the probability of 
failure,   the mean,   the the standard deviation,    is known as the reliability 
index (an alternative measurement for   ) and   &    are the coefficient of 
variation (COV), which is a dimensionless measure of uncertainty for resistance 
or load variables.  
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2.9.2 First-Order, Reliability Method (FORM) 
A more accurate method for determining the reliability index   is utilising the 
Rackwitz-Fiessler procedure which requires the probabilistic distributions of all 
the variables involved (Rackwitz and Fiessler, 1978). This procedure, also known 
as the first-order reliability method (FORM), is used to calculate the equivalent 
normal values of mean and standard deviation for each non-normal random 
variable. The following flowchart describes the FORM procedure to calculate the 
target reliability index    . The FORM procedure will be utilised to determine the 
system resistance factor at a known target reliability     level in Chapter 8 – 
Probability Assessment and Limit State Design of Steel Support Scaffolding 
Systems. The procedure used to calculate system resistance factor           
using the FORM procedure, can be seen in Appendix 8.1. FORM can calculate 
the reliability index or system resistance factor more accurately than FOSM 
because it takes into account the actual distributions of random variables 
(including non-normal distributions), while FOSM assumes that random variables 
are normally distributed and uncorrelated. Each of these random variables is 
utilised in the FORM analysis in an iterative manner, as summarised in the 
following flowchart (step 1 to 9): 
1. Formulated Limit State Equation or function and Appropriate Parameters 
for all random variables.  
Xi (I, 1,2...n) where Xn are load & Resistance variables 
2. Obtained initial design point (Xi
*
), assume mean values of variables Xi. 
Solve failure point equation to find remaining variable. 
g (X1X2X3....Xn) = 0  
3. Normalised Type I Live Load and Lognormal Resistance Distributions to 
find equivalent normal mean    
  and standard deviation    
  
 
 
 
  
        
  [   (    
  )] 
  
  
 
      
 [   (    
  )] 
  
  
        [    ( 
  
  
)] 
  
     VR 
Chapter 2 – Literature Review 
    _____________________________________________________________ 
53 
 
4. Determined the partial derivatives of the limit state function using the 
reduced variates. 
  
   
  
     
  
   
  
5. Determined reduced variates (Zi
*
) corresponding to the design point (Xi
*
). 
   { }  {
  
  
  
  
} Where       
  
   
|
            
 
6. Calculated an estimate of Beta 
   
{ } {  }
√{ }  [ ]{ }
 
 
7. Calculated column vector containing the sensitivity factors (α) 
   
{ }
√{ } { }
 
8. Determined a new design point in reduced variates and original 
coordinates 
  
       
  
          
       
9. Completed Iteration until design point (Xi
*
) and beta (β) converged. 
    
{ } {  }
√{ } [ ]{ }
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2.10 Design Procedure using Advanced Analysis  
 
One must understand that the LRFD equation     ∑     was traditionally 
used for the design of members, however, for design by advanced analysis, the 
above equation must be applied at a system level. In this case    represents the 
resistance capacity of the system instead of the resistance capacity of a single 
structural member. Therefore in order to develop an LRFD type formula for a 
system capacity check on structures involves a number of critical steps which are 
summarised below, and which essentially make up the work performed as part of 
this thesis.  
a) Identify the applicable system limit states and load combinations from 
design standards 
b) Determine appropriate statistics for an applied load 
c) Predict the behaviour of the system using advanced finite element analyses 
d) Choose an appropriate target system reliability index 
e) Calculate appropriate statistics for system resistance by comparing mean 
and nominal results  
f) Calculate the system resistance factor using FOSM or FORM.   
Design by advanced analysis eliminates the need for checking individual 
members and provides greater accuracy in determining frame strength than elastic 
LRFD, as described by Buonopane et al. (2003). Advanced analysis can be 
applied to the design of scaffold systems, but an appropriate system resistance 
factor (       ) must be determined and it will be the final goal of this thesis. To 
answer this problem, structural reliability techniques (Monte Carlo simulations, 
see Chapter 8) allow for a combination of the statistical models of random 
variables that affect the strength of a system (geometric imperfections, joint 
stiffness, load eccentricity, et cetera) with advanced structural analyses to obtain a 
reliability analysis of the system, using either the first-order second-moment 
method (FOSM) or the first-order reliability method (FORM) with suitable load 
models that will provide a probabilistic justification for appropriate system 
resistance factors which may be used in LRFD design. 
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2.10.1 System Resistance and the LRFD Equations 
Of the limited literature available regarding system reliabilities, there have been 
some notable results. In a series of tests of two-storey, two-bay steel frames 
designed by elastic LRFD and advanced analysis, the system resistances were 
compared (Buonopane and Schafer, 2006) and revealed that for a target system 
reliability index        , the values of         ranged from 0.86 to 0.91.  
There has also been research into the partial factors of the LRFD equation. 
Researchers (Li and Li, 2004) developed the resistance and load factors for 
advanced analysis of steel portal frames and proposed the following LRFD design 
equation: 
                          (2.27) 
where Dn and Ln represent the nominal dead load and nominal live load, 
respectively. Furthermore, it was determined that this design equation achieved a 
target system reliability index        .  
 
2.11 Conclusion 
 
This literature review has identified and introduced previous research, current 
design practice, and the statistical analysis of steel scaffolding systems. This 
chapter has identified the history, classification, and materials used in scaffolding 
systems, and also investigated previous scaffolding collapses to qualify the 
various types of failure modes. An overview of the history of deterministic design 
methods, including the selection of load and resistance factors has now been 
completed, as has an introduction to non-linear structural analysis and current 
formwork design standards. Probability based design theory has also been 
introduced to form a statistical basis for establishing a new LRFD equation at the 
conclusion of this thesis. In summary, this chapter presents previous literary 
evidence and the recommendations concerning the modelling, analysis, and 
design of scaffold systems. 
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CHAPTER 3 – INTRODUCTION TO SHORE LOAD 
3.1 Introduction 
 
This chapter introduces shore load and is a preface to the collection of shore load 
data in Chapter 4. Current shore load requirements are identified here, as are loads 
that are not being considered, while the current statistics for occupancy loads on 
permanent structures previously investigated by researchers are documented. 
These are then compared to construction loads on temporary structures which are 
statistically less certain and lack significant previous investigation. The stages of 
construction are also identified.  
The design of formwork has typically been the responsibility of the subcontractor 
and thus has relied on engineering judgment, past experience, and an empirical 
understanding of the construction process. Moreover, load data, load factors and 
combinations for temporary structures were adapted from standards pertaining to 
permanent structures. It appears that an engineered approach is becoming more 
applicable, particularly considering the frequency of failures during construction 
compared to failures during service. Although steel scaffolds are temporary 
structures, their failure often has fatal consequences. A survey of falsework 
collapses revealed that 74% of these failures occurred pouring concrete and 
resulted from overloading (Hadipriono, 1987). It is also argued that since 
engineering judgment has played a large role in the development of current 
Australian standards (AS3610, 1995) there is room for a greater statistical basis in 
determining load factors and load combinations, which is one of the aims of this 
thesis. 
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3.2 Loads on Support Scaffolding Systems 
 
The current Australian Standard for formwork and scaffolding is (AS3610, 1995), 
and it incorporates recommended minimum construction loads on formwork and 
acts as a guide for formwork design engineers. AS3610 (1995) also includes load 
combinations and factors designed to meet a level of safety for typical temporary 
works during construction. Research has shown that further surveys of 
construction loads are required for a more accurate statistical determination of the 
load factors. There is a distinct lack of guidance by the construction industry 
regarding specific construction loads despite the significant evidence of 
catastrophic structural failures of scaffolding in Australia and overseas which 
have occurred due to underestimating loads. Indeed, both access and support 
scaffolding have collapsed during concrete pours. There is a large amount of 
variability associated with construction loads since different construction 
activities produce variable loads and load combinations. This research argues that 
the level of attention given to the design of a permanent structure for their in-
service loads is also needed in the design of temporary structures that similarly 
have catastrophic consequences of failure. The following section is a preface to 
the collection of real life construction loads (detailed in chapter 4) and documents 
a review of past occupancy and construction load research. This load data will 
then be used to form the statistical parameters for load in this reliability analysis. 
 
3.2.1 Inadequacy of Current Practice 
To design a scaffolding system accurately an engineer must determine the 
expected loads, but a literature review reveals there is a distinct lack of data 
available for construction loads, which means there are potential shortcomings in 
the design of steel scaffolding systems. This lack of data means there is little 
understanding of the load-resistance interaction in scaffolding systems which 
seems very ‘short-sighted’ (Rosowsky & Stewart, 2001)  because the ‘majority of 
structural failures occur during construction’ (Ross, 1984), (Ayoub and 
Karshenas, 1994). Of particular concern is that researchers (Fattal, 1983), 
Chapter 3 – Introduction to Shore Load 
    _____________________________________________________________ 
58 
(Kamala and Ayoub, 1994), (Ikaheimonen, 1997) who independently measured 
the loads in formwork shores have all consistently documented that during 
concrete placement (when almost 74% of failures occur), the mean load in 
formwork shores varies from predictions (nominal).  
3.2.2 Loads not being Considered  
Certain load cases from AS 3610 (1995) will not be assessed. This research does 
not consider horizontal loads documented in Clause 4.4.5 (AS3610, 1995) 
including; lateral concrete pressure (P), horizontal load due to sloping formwork, 
wind loads (        ), loads due to water (  ), and earthquake loads and 
horizontal live loads       . Further, loads acting on a structure are typically 
separated into those naturally occurring (snow, wind, and earthquake) and man 
imposed (dead, live) phenomena, and because scaffolding is temporary, the loads 
resulting from natural phenomena are not considered. This thesis does not 
consider re-shoring since it is considered to be a Stage III (see section 3.4.3) load 
and is therefore not critical. This thesis has also made the assumption that the top 
of a scaffolding system has lateral restraint from any number of components, 
including shear walls, lift cores, previously poured concrete columns, et cetera. 
This assumption was a requirement of the PO. 
 
3.3 Occupancy Loads on Permanent Structures 
 
Structures must have the ability to resist imposed loads because most national 
design standards use combinations of occupancy loads and a limit state design 
methodology to ensure that a system can resist these loads. A literature revealed 
there is a significant amount of statistical data available with respect to occupancy 
loading on permanent structures which means the probabilistic modelling of 
occupancy loads has been studied by many researchers, including (Chalk, 1980), 
(Harris, 1981), (Ellingwood, 1980) and statistical models have also been 
developed by researchers (Melchers, 1999) for occupancy live load using load 
scenario analysis, engineering judgment, and load surveys; for example 
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(Rosowsky & Stewart, 2001) developed complex models of load intensity, 
duration, and frequency of occurrence.  
The Australian Standard for occupancy loading in permanent structures (AS 
1170.1, 2002) is in a limit state format where the dead load includes the weight of 
the structure and its permanent fixtures and the live loads are split into sustained 
occupancy loads (weight of furniture, people and portable equipment) and 
extraordinary live loads (weight due to crowding of people or temporary storage 
during renovation). Section 3 (Imposed Actions) of the Australian Standard (AS 
1170.1, 2002) suggests that sustained occupancy loads be considered uniformly 
distributed actions that range in magnitude from              depending on the 
type of building being considered. The statistical modelling of dead loads is 
known with certainty due to the accuracy and quantity of data produced by 
academics and standards boards. Dead loads follow a normal distribution with a 
mean-to-nominal ratio of 1.05 and COV of 0.10 (Ellingwood, 1980).  
 
3.4 Construction Shore Loads  
 
Until authorities (most likely prompted by the high incidence of structural failures 
of support scaffolding in construction) identified a need for more reliable data 
regarding construction loads, very little research had been undertaken to measure 
loads in support scaffolding (Ferguson, 2003). A review of recent research (Fattal, 
1983), (Ayoub, 1994), (Peng, et al., 1996), (Rosowsky, et al., 1997), (Kamala, et 
al.,1994), (Ikaheimonen, 1997) and (Kothekar, 1998), identified the complications 
of modelling construction loads and these authors suggested that more statistical 
information regarding construction loads was required. This should also prompt 
the academic community to consider on what statistical basis the current 
Australian and International scaffolding standards are derived.  
The current Australian steel scaffolding standard (AS3610, 1995) utilises 
‘available’ statistical information and load and resistance factor design (LRFD) to 
establish a consensus target reliability (Harris et al., 1981), but this involves the 
use of engineering judgement to select appropriate values for load combinations 
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and partial safety factors for LRFD design. Since probabilistic analysis aims to 
determine an accurate design equation, construction loads are divided into dead 
and live load components. For the purposes of this research, dead load is defined 
as the total vertical load exerted by formwork such as timber joists, bearers and 
plywood, but it also includes the weight of concrete, formwork, and 
reinforcement. Live load includes the weight of workers, equipment, and 
machinery supported by the scaffolding before and after concrete placement, and 
the dynamic loading effect of pouring or dropping concrete from a pump or 
kibble.  
The current Australian Formwork standard (AS3610, 1995) and the load factors 
which it utilises are arguably deterministic, and are based on engineering 
judgement and past experience to satisfy a minimum level of safety based on past 
failures. Epaarachchi et al. (2002) also noted that AS3610 (1995) was developed 
from a combination of deterministic approaches and past experience and 
judgement. Limit state design AS3610 (1995) requires that the dead     and live 
    load LRFD equation is           . Currently formwork engineers from 
Acrow Formwork and Scaffolding do not use the limit state design requirements 
because they consider them too excessive based on this limit state equation. In 
fact, they still utilise a safety factor applied to the resistance based on a working 
load limit (allowable stress design), so this thesis will also consider an appropriate 
safety factor based on the new load and resistance statistics.  
 
3.4.1 Effect of the Stage of Construction  
The stages of construction detailed in the Australian Standards (AS3610, 1995), 
were used in the assessment of construction loads. It is important to understand 
that dead load increases as the concrete is being poured and reaches its maximum 
weight at the end of the placement. The live load consists of the weight of 
construction personnel, equipment, stacked material, and the effects of any impact 
during concrete placement.  
There are three stages of construction, before, during, and after the placement of 
concrete. Figure 3.1 shows a typical shore load-time histogram adapted from 
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Fattal (1983). In Stage I, before the concrete has been placed the ratio between 
live to dead load is high however, the live load is still significant because of 
workmen and materials. In Stage II (placement period) the dead load increases 
significantly as the concrete is placed and since there are no further live loads 
during this stage the ratio between live to dead load falls below 1.0. Stage II is the 
critical stage because this is where most support scaffolding failures occur 
(Hadipriono, 1987) and where the maximum shore loads occur, so this thesis will 
focus on this stage to determine an accurate live-to-dead load ratio during this 
critical loading period. At the end of the placement period the live load reduces 
due to decreased construction activity. 
In Stage III, after concrete placement, the smaller live to dead load ratio will 
begin to increase due to increased construction activity as more workers and 
machinery begin to vibrate and then smooth the concrete surface. This ratio 
increases even further as materials are stacked onto the newly laid surface ready 
to pour the next level. It is therefore important to understand that the difference 
between the maximum shore load and the load just after the casting provides an 
estimation of the live load effect.  
 
Figure 3.1 Stages of construction (adapted from (Fattal, 1983)) 
 
The live loads specified by the Australian Formwork standard (AS3610, 1995) are 
typically             during Stage I, II and III. An allowance for concentrated 
live load of            is provided during Stage II. 
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3.4.2 Difficulty in Modelling Shore Loads 
Since very little information is available and little consensus exists on the 
magnitude and variability of different construction loads, design standard 
committees have had to rely on experience and professional judgment in selecting 
load factors and combinations. Rosowsky (1996) makes it clear that the 
development and acceptance of the construction live load design procedure are 
both iterative processes, but as data and probabilistic models become available, 
calibration studies can be performed and the resulting factors can be adjusted to 
achieve the desired level of reliability.  
A structure will experience vastly different loads during construction than when in 
service. Construction loads are not linear and predictable because different 
magnitudes and load arrangements are associated with different procedures and 
operations. Furthermore, since scaffold system members can sustain concentrated 
point loads, for example from heavy equipment and stockpiles of material, the 
ability to develop a single construction load model is problematic, and specific 
models must be developed for analytical purposes (Rosowsky & Stewart, 2001). 
In this thesis load eccentricity in the design of scaffolding is considered because it 
introduces bending moments in shoring members which reduce the ultimate 
strength capacity, as documented by Peng, et al. (2009). However for the purposes 
of this investigation the effect of eccentricity will be accounted for in the 
resistance component of the study and therefore can be neglected in the loading 
component of the limit state equation.  
 
3.4.3 Difficulty in Recording and Surveying Shore Loads  
Ikaheimonen (1997) noted that maximum shore loads occur immediately after 
concrete placement, so it has been suggested that when calculating shore loads 
only the weight of the formwork and concrete should be considered (Ferguson, 
2003). This result gives credence to investigations by Ashraf et al. (1994), who 
determined that the mean of variable loads was quite small and the standard 
deviation was quite large. Ikaheimonen’s (1997) results showed that the relative 
shore loads (surveyed load / predicted load) varied between 0.15 and 1.5, which 
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implies there must be a critical link between the magnitude of relative shore loads 
and how the formwork, joists, bearers, U-heads and top jacks distribute the load to 
the shores. Previous researchers concluded that an initial load in the vertical 
standards is responsible for these large variations in relative shore loads. The 
initial load is thought to be due to the force induced by the formwork and 
reinforcement bars laid prior to concreting. However, Kamala (1996) could not 
prove this assumption because in many cases no initial shore loads were recorded. 
Ikaheimonen (1997) provided a theoretical analysis which demonstrated that 
when an initial gap is present between the standard and the bearer, there are large 
variations in the relative shore load.  
The measurements taken by Ikaheimonen (1997) revealed that large relative shore 
loads do not necessarily correlate with large initial loads in standards, or vice-
versa, so he postulated that it was due to formwork components straightening up 
from an initially deformed position. Furthermore, a formwork element may have 
been damaged or have different material properties, for example, bearers or joists 
may have different moisture contents due to different storage conditions 
(Ikaheimonen, 1997). The storage conditions would also affect the elastic 
modulus and creep of the timber formwork systems. Tsoumis (1991) proved that 
deformations increased in timber with higher moisture contents and temperatures.  
The variation of the standard deviation parameters of elastic modulus, load 
eccentricity and initial inclination of shores by Liu and Chen (1987b) and El-
Sheikh and Chen (1989), showed how difficult surveying shore loads is due to 
different shore spacing and different formwork materials. Initial shore loads are 
also affected by the position of bar chairs that are used to support reinforcement. 
The large scatter in relative shore loads was postulated by Ikaheimonen (1997) to 
be due to the re-tightening of shores after formwork and reinforcement was 
placed. However, it was found in Chapter 4 that the shores were not re-tightened 
after formwork and reinforcement had been placed. Furthermore, the bearers are 
laser levelled in the Acrow Supercuplok system, which typically ensures similar 
initial loads.  
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3.5 Previous Shore Load Investigations 
3.5.1 Defining Dead and Live Load 
The following equations define how dead and live loads are calculated in this 
research. The surveyed (actual) dead and live loads were recorded using data 
logger equipment and the predicted (nominal) dead and live loads were calculated 
using the tributary area (TA) or simplified method. This will be discussed further 
in Chapter 4 however the following equations must be presented in order to 
understand the relative dead load and relative live load terms.  
a) Predicted Dead Load = (Weight of reinforcement + concrete + formwork) 
x TA 
b) Predicted Live Load = 1kPa x TA (based on AS3610 (1995)) 
c) Surveyed Dead Load / Predicted Dead Load = Relative Dead Load 
d) Surveyed Live Load / Predicted Live Load = Relative Live Load 
e)   Surveyed Dead Load /   Predicted Dead Load = Mean-to-Nominal Dead 
Load ( ̅      
f)   Surveyed Live Load /   Predicted Live Load = Mean-to-Nominal Live 
Load ( ̅      
Both the predicted and surveyed, dead and live loads were normalised by dividing 
the result by the tributary area while the relative dead load and relative live loads 
were non-dimensional and normalised, which allowed for a true comparison of 
relative load values between authors. In making these comparisons the true 
variability of shore loads and the accuracy of current engineering practice in 
calculating shore loads can be meaningfully compared. 
 
3.5.2 Shore Dead Loads 
The following section describes previous research involving the calculation of 
shore loads. Here ‘relative shore load’ refers to the ratio between the surveyed 
(mean) load divided by the predicted (nominal) load, and relative shore load is the 
ratio between mean and nominal loads. A chronological summary of all previous 
research involving formwork and loading is in Appendix 1 
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Some of the first measurements of shore loads were conducted by Agarwal and 
Gardner (1974) who investigated the distribution of load between the floor slab 
and vertical shores, after the concrete had been poured. They documented 
variations in the ratio of calculated to measured shore loads (relative shore loads). 
On their first two sites, 8 and 9 shores were measured and yielded a mean relative 
shore load   ̅   ⁄   of 1.03 and 0.99 and a standard deviation of 0.1 and 0.03, 
respectively. The small standard deviation in relative shore loads was arguably 
due to the use of prefabricated ‘flying formwork’, which has a simple two support 
structural configuration (Ikaheimonen, 1997). Mohammed and Simon (1979) 
measured the maximum relative shore loads of a ‘flying form’ system in a fifteen 
storey office building. Calculation of relative shore loads occurred in shores 
below the pour and a further five levels of re-shoring occurred below the concrete 
pour. The maximum relative shore loads (concrete only) were 1.23, 1.51, 1.68, 
1.09, and 1.46. Furthermore, when the weight of the formwork (10% of the 
weight of concrete) was included the relative shore loads reduced, as expected, to 
1.21, 1.46, 1.61, 1.08 and 1.42. That is,   ̅   ⁄   of 1.394 and COV 0.168 for the 
arguably small data set of five shores. 
Fattal (1983) measured the loads applied to eleven shores in a multi-storey 
building. In the research a 203mm (8 inch) thick slab was poured with a 1.53 sqm 
(2 cubic yard) skip and significant dynamic effects were measured. The maximum 
relative shore loads were 0.80, 1.10, 1.08, 0.27, 1.04, 1.36, 1.76, 0.95, 0.61, 2.00, 
and 0.77 with a mean   ̅   ⁄   of 1.07, COV of 0.48 and a standard deviation of 
0.50. These results included the weight of the formwork of 0.465 kN/sqm in the 
maximum shore loads measured. It was argued that the high standard deviation 
was due to very stiff formwork components, steel shores, and 16mm thick 
plywood. As well as the fact that there were ten workers involved in concreting 
and a large concrete skip being used, which had significant dynamic effects. Fattal 
(1983), observed that there was load sharing between upright No. 4 and upright 
No. 10 (relative dead load of 0.27 and 2.0 respectively). By excluding these 
results the survey data had a mean   ̅   ⁄   of 0.92 and a COV of 0.35 for the 
tributary area method, and a mean of 0.93 and a COV of 0.32 for the beam or 
“distributed” method. 
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Ambrose et al. (1994) developed a solution to reduce the number of scaffolding 
failures by measuring and monitoring loads in shores with load cells in real time. 
This ‘smart shoring system’ was used to detect non-uniform load distribution 
between shores, where some were overloaded and others did not carry enough 
load. Ambrose et al. (1994) concluded that the ‘smart shoring system’ can give 
prior warning of failure and further provides the information necessary for the 
notification of potentially hazardous shoring failure mechanisms. Ambrose et al. 
(1994) suggested that excessive load impacts may be realised in real time, 
although the argument here is that shoring systems would fail without prior 
warning. If a pre-warning system could be implemented then an excellent 
database of information on shore loads could be established in any case. In an 
investigation of the Courthouse building in Burlington, Vermont, Ambrose et al. 
(1994) collected actual construction load data and showed that the maximum 
relative shore loads were 1.5, 1.3 and 2.0.  
In 1993 a joint U.S. and Taiwanese investigation (Rosowsky et al. 1994) into high 
clearance scaffolding systems was initiated to quantify the actual loads during 
placement, and to detect the effects of any placement patterns. Typically an “S-
shape” pattern is used in construction whereby concrete is applied in a snaking 
manner across the pour area. Altogether, nineteen reinforced concrete 
construction projects were monitored across multiple building types including 
museums, hangars, schools, residential buildings and gymnasiums. All 
investigated sites used a pump to convey concrete and a building layout was kept 
which documented the placement areas, pattern, and where the equipment was 
located. Rosowsky et al. (1994) also performed full scale laboratory tests of 
formwork to simulate the pouring of concrete. The aim was to compare the 
measured and calculated shore loads on fourteen different shores, seen in Table 
3.1. To simulate the effect of concrete, containers were placed on the formwork 
and filled with water to simulate the weight of a 130mm thick concrete slab. 
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Table 3.1: Ratio of measured to calculated shore loads (Rosowsky et al. (1994)) 
Load Cell # Relative Shore Load 
1 0.2 
2 1.44 
3 0.42 
4 0.51 
5 2.17 
6 0.97 
7 2.28 
8 1.37 
9 1.88 
10 2.26 
11 0.95 
12 1.46 
13 2.35 
14 1.22 
 
The mean value for relative shore loads   ̅   ⁄   was 1.39 with a COV of 0.48 and 
a standard deviation 0.66. It was evident that the measured loads were quite 
different from the calculated loads despite the tests being held in a controlled 
laboratory environment. Rosowsky et al. (1994) suggested that variation in shore 
load stems from the rigidity of the containers and the absence of reinforcement, 
and therefore proposed that the theoretical load be increased by a load factor of 
2.0.  
Kamala et al. (1996) measured shore loads in nine shores with good agreement 
between the calculated loads, despite two particular shores having relative shore 
loads of 0.88 and 1.28. Uneven jacking was postulated to be the cause of variable 
relative shore loads. A shore may bear the load of its neighbour until the 
differential vertical eccentricity (due to the uneven jacking sequence) has been 
restored.  
Rosowsky et al. (1997) measured the actual shore loads in three structures; two 
were identical 200mm thick floor slabs of 8.1 square metres and the third 
structure was a 200mm thick floor slab of 51 square metres. Rosowsky et al. 
(1997) found large variation in the measured shore loads compared to the 
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calculated shore loads so a multiplication factor of 2.0 was suggested for this 
variation in individual shores. Rosowsky et al. (1997) concluded that the variation 
in shore loads stemmed from the initial prestress in shores and an ‘area effect’ 
existed so that the maximum shore load decreased as the area increased. This 
means the design load provided by the American Concrete Institute (ACI, 2004) is 
too conservative when the area is increased. These results proved there is a large 
variation among relative shore load values which means it is very difficult to 
calculate the magnitudes of shore loads. Furthermore, Ikaheimonen (1997) 
determined there are significant and very large variations in the expected 
(calculated) loads on shores and the mean (measured) loads occurring on site. 
This indicates that it may be extremely problematic to have a linear relationship 
between the load and the tributary area or theoretically loaded area methods. It 
was postulated that the large scatter of relative shore loads may stem from 
different concreting methodologies or due to workmen on the slab and the use of 
motorised equipment.  
Simple conclusions can be drawn regarding actual shore loads from the results of 
Ikaheimonen’s (1997) research. In each of the nine sites investigated a curve was 
plotted for the measured shore loads and it indicated that when concrete was 
pumped there were minor short-term increases in load that are highlighted by 
small peaks or spikes in the curves. Four bridges were investigated with average 
relative dead loads of 1.053, 0.876, 0.768, 0.853 and COV of 0.094, 0.256, 0.334, 
and 0.151 that were measured from eight load cells. Five apartment constructions 
with average relative dead loads of 0.725, 1.207, 0.730, 0.904, 0.958 and COV of 
0.412, 0.178, 0.764, 0.134, and 0.144 were also measured from a maximum of 
twelve load cells. The full set of relative shore loads are summarised in Appendix 
2. It must be noted that bridge construction differs significantly from building 
construction as shores are typically more closely spaced due to much larger loads 
associated with thicker slabs and beams. The relative dead load   ̅   ⁄   had a 
mean of 0.9 and COV 0.29 for the tributary area method, and a mean of 0.99 and 
a COV of 0.3 for the beam method. This difference in results was noticeable, 
particularly when concrete skips or buckets were used to drop the concrete from a 
height onto the formwork. In this case the spikes or peaks in the results indicated 
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the unloading of concrete from a skip. Ikaheimonen (1997) noted that these short 
term peak loads were characterised by two distinct phases; in phase one the peak 
load was of short duration, equating to the 5 to 10 seconds that it took to empty 
the skip, while phase two was of 1 to 2 minute duration, from which it was 
postulated that this was a result of excess concrete being shovelled away from the 
drop site. The magnitude of these short term peak loads was up to 30% of the 
static load in the shore and depended on the rate at which the skip was emptied, 
the viscosity of the concrete, and the height above the slab when it was dropped. 
When the concrete was pumped there were no peak loads so it was again 
postulated that this was due to the lower rate of flow of concrete and no dynamic 
effects. 
Ikaheimonen (1997) concluded from previous shore load investigations that it was 
not possible to predict the magnitudes of shore loads by calculation, however 
accurately they are made. It was evident that the uneven distribution of loads 
between shores was due to the uncertainties and small differences in load 
eccentricity, contact areas, material properties, dimensions and complexity of load 
paths.  
Puente et al. (2007) instrumented thirty four steel shores during construction of a 
seven storey concrete building. The results suggested that the relative dead load 
ratio was 1.0 and a COV of 0.25. Table 3.2, provides a summary of dead load 
statistics previously accumulated relating mean and nominal dead loads   ̅   ⁄  .  
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Table 3.2: Summary of Relative Dead Load Statistics 
RESEARCHER   ̅   ⁄   STD COV 
Agarwal & Gardner (1974) 1.030 0.100 0.097 
Mohammed & Simon (1979) 1.394 0.249 0.178 
Fattal(1983) 1.067 0.514 0.482 
Fattal (1983) exc outliers 0.920 0.322 0.350 
Rosowsky (1994) 1.391 0.666 0.479 
Rosowsky (1997) small pour NA NA 0.333 
Ikaheimonen (1997) 0.900 0.261 0.290 
Puente et al. (2007) 1.000 0.250 0.250 
 
As Table 3.2 indicates, the mean-to-nominal relative dead load   ̅   ⁄   calculated 
by researchers to date varies between 0.9 and 1.4. Hence based on the tributary 
area method, Zhang et al. (2012) proposed that ̅    . Furthermore the COV 
ranges between 0.25 and 0.5 under current normal construction practice and using 
the tributary area method. The additional uncertainty or variability of dead load in 
scaffolds may be due to differential settlement of uprights and imperfections in 
the scaffolding installation such as lack of bearing occurring between the steel 
shores and timber formwork (Rosowsky, 1994) (Ikaheimonen, 1997). 
 
3.5.3 Shore Live Loads 
Imposed actions or live loads (Q) include the weight of workmen, stacked 
materials, and dynamic forces due to concrete pouring. The value for construction 
live load during Stage II of construction is        ⁄  in AS3610 (1995). The 
American Standard, ACI 347 (ACI, 2004) specifies a design formwork live load 
of 2.4 kPa (50psf). The effects of dynamic live loads resulting from placing 
concrete varied from 5-30% (Ferguson, 2003) of the load in the formwork shore. 
It must be noted that the live load from stacked materials is only applicable to the 
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shores after concrete placement (in Stage III of construction), so it was not 
considered in this thesis. 
Construction live load data is scarce and little is known about its statistical 
variability. Fattal (1983) measured shore live loads and found that during 
placement, the dynamic effect of pouring concrete was equivalent to a uniformly 
distributed load (UDL) of          . It was also determined that the maximum 
dynamic effect of discharging concrete from a       skip resulted in a UDL 
of          . In an analysis of the load effects the maximum load in shores was 
compared with the design loads specified in the ACI 347 (ACI, 2004). It was 
determined that the           (50 psf) live load given in ACI 347 (ACI, 2004) 
could compensate for the dynamic effects of pouring concrete. The load in some 
shores exceeded ACI 347 (ACI, 2004) design loads by up to 18%, yet this was 
considered to be tolerable since a 2.5 safety factor was used in the shore design. 
Fattal (1983) demonstrated that live loads for the crane and bucket method had a 
mean-to-nominal ratio   ̅            with a COV       for the tributary area 
method, and   ̅            with a COV        for the more accurate 
distributed method. A summary of these live load statistics can be seen in Table 
3.3. 
Karshenas, et al. (1994) suggested that an equivalent UDL of            , 
based on 0.99 fractals, would be adequate for live loads over influence areas 
smaller than      and             for areas greater than     . 
Furthermore, when the concrete was placed in buckets and motorised buggies 
were used the combined static and dynamic loads may be substantially higher 
than the loads resulting from stacked materials and equipment.  
Rosowsky (1997) suggested that an ACI (ACI, 2004) design live load of        , 
adequately estimated the maximum load in a vertical shore, but it was proposed 
that for ultimate limit state design, the current load factor was inadequate and a 
factor of 2.0 was needed to account for the spatial variability of shores. Rosowsky 
(1997) also noted there was a relatively high uncertainty in the resistance capacity 
of the system despite the low degree of uncertainty in the mean concrete dead 
load (COV of concrete = 0.1). Another important discovery was that the ACI 347 
design loads became more conservative as the area of the slab increased. It was 
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therefore suggested that the design load might be a function of the pouring area, 
thickness of the slab, arrangement of the formwork and concrete placement 
procedures (Ferguson, 2003).  
A survey of concrete construction live loads (Karshenas, et al., 1994) on slab 
formwork both before and after concrete placement determined that the mean live 
load on newly poured slabs (which included the weight of workers, equipment 
and materials stored on the formwork) for one week’s duration was         with a 
significantly high standard deviation of          . This result was used by 
Rosowsky & Stewart (2001), who used a Monte Carlo method to simulate the 
statistical distribution of maximum construction live loads over a 6 month period. 
Rosowsky (1996) demonstrated that live loads had a mean-to-nominal ratio 
  ̅           with a COV     and found that a Type I extreme distribution 
provided the best fit to the simulated distributions. Rosowsky (1996) implied that 
the ASCE standard had been published based on conservative assumptions and 
consensus amongst engineers, since there was very little statistical data or 
probabilistic models on construction loads.  
The research by Ellingwood and Galambos (1982) from typical buildings and 
conventional structures led them to suggest that a Type I extreme value 
distribution with a   ̅           and a COV of 0.25, was appropriate. 
Ikaheimonen (1997) produced reliable live load data by modelling sixty-six 
scaffolding shores in all three construction phases (before, during and after 
concrete placement) on nine different sites. The results showed that when 
concrete was delivered by pump the variable loads had no significant effect on the 
shore loads. Ikaheimonen (1997) determined the mean-to-nominal ratio   ̅     
       and COV (       ). Furthermore, when the crane and bucket method 
was used for concreting, the mean live load ratio   ̅           and the COV was 
0.7.  
It must be noted that   ̅     depends on the design formwork live load specified 
in the particular standard. Zhang et al. (2012) based their statistics on the 
American Concrete Institute who specified a design live load of 2.4 kPa (50 psf) 
for all construction stages. Using this standard, a Type I extreme distribution was 
selected by Zhang et al. (2012) and a mean-to-nominal live load   ̅         
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with a COV of 0.7. Other research (Chandrangsu, 2010) concluded that the 
maximum construction live load on scaffolding systems was assumed to be a 
Type I extreme distribution with a mean-to-nominal value   ̅         and a 
COV of 0.6. This was based on the Australian Standards (AS3610, 1995) which 
specifies a design formwork live load during concrete placement of 1 kPa. A full 
summary of the live load statistics can be seen in Table 3.3. 
It must be understood that due to the variability of construction processes and the 
effects of dynamic and peak live loads, there is still a lot of uncertainty regarding 
construction live loads. As a result, generic construction live load models are not 
appropriate and despite all the research, a statistical load model for construction 
live loads was of critical importance to this thesis. Chapter 4 seeks to address this 
apparent lack of live load data and quantify more accurate construction live load 
results during concrete placement. 
 
Table 3.3: Summary of Relative Live Load Statistics (based on 1kPa design Live Load) 
RESEARCHER   ̅   ⁄   STD COV 
Fattal (1983) trib. area Method 0.744 0.528 0.710 
Fattal (1983) dist. Method 0.648 0.350 0.540 
Rosowsky & Stewart (2001) 1.000 0.400 0.400 
Ikaheimonen (1997) 0.990 0.307 0.310 
Chandrangsu (2009) 1.000 0.600 0.600 
Zhang et al. (2012) (based on 2.4 kPa) 0.300 0.210 0.700 
 
3.5.4 Critical Shore Load Findings 
The methods which Ikaheimonen (1997) used to calculate loads in standards, 
namely the “beam method” and the “simplified method” were found to be 
“largely comparable”. And the simplified method was accurate enough to 
investigate relative shore loads. Secondly, when designing formwork beams and 
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calculating the support reactions for beams acted upon by point loads, a uniform 
distributed load (UDL) can replace these point loads.  
Other authors, (Rosowsky & Stewart, 2001) and (Ikaheimonen, 1997), have 
acknowledged that more measurements of shore loads were needed to establish a 
better basis for statistical analysis. Further, Ikaheimonen (1997) noted that 
standards should be instrumented and loads should be measured over a larger 
area. It was also suggested that further research would be extremely valuable if 
the causes of unexpected loads were investigated on site. Many researchers have 
measured the loads in the vertical standards of falsework including (Fattal, 1983, 
Kamala, 1996), (Peng 1994a , 1994b), (Peng et al., 1996, Peng et al., 1997) and 
(Ikaheimonen, 1997). These researchers consistently reported that during concrete 
placement the surveyed load in vertical standards differs from the nominal 
(predicted) loads and current design methods tended to underestimate the loads in 
standards. An investigation of shore loads must be conducted to understand how 
construction loads are transposed into the vertical support elements, and this is 
achieved in Chapter 4. 
3.5.5 Shore Live-to-Dead Load Ratio (  /  ) 
The load survey data has been used to qualify an appropriate live-to-dead load 
ratio during concrete placement; the critical condition were 74% of failures occur 
(Hadipriono, 1987). Since the weight of concrete is known to be the largest load 
on the scaffolding system the live-to-dead ratio at this time (Stage II) will be 
dominated by the dead load of concrete. Furthermore, during Stage II the live load 
is made up of the weight of workmen and equipment and is proportionally 
insignificant compared to the dead load. Some authors assumed that the nominal 
live-to-dead (  /  ) ratio for reinforced concrete structures varied from 0.5 to 1.5 
(Ellingwood, 1980). Zhang et al. (2012) considered a nominal live-to-dead 
(  /  ) ratio between 0.3 and 0.7 and used a representative value for   /       
for reliability index calculations. The load survey in Chapter 4 also seeks to 
address an appropriate   /   ratio.  
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CHAPTER 4 – SHORE LOAD SURVEY 
 
4.1 Introduction 
 
A one year shore load investigation was undertaken in Sydney, Australia to 
determine and compare the surveyed and predicted (nominal) axial loads that 
occur in vertical shores of scaffold supporting systems. The shores were 
instrumented with load cells during the concrete casting and curing phases to 
obtain the actual loads transmitted to the supporting scaffolding. 188 shore load 
measurements were recorded in ten site investigations and this chapter details the 
equipment and experimental procedure used to acquire the shore load data. Both 
dead and live construction loads were measured prior to, during, and post concrete 
pour. This data was also needed to qualify an appropriate live-to-dead load ratio 
during concrete placement (this is the critical condition where 74% of failures 
occur (Hadipriono, 1987)). The load data was used to compare with the predicted 
shore loads that were calculated using the tributary area method. This chapter 
documents the statistical analysis of shore loads as well as factors that may cause 
variability or non-uniform load distributions in shores. This shore load 
information is used for the statistical modelling described in Chapter 7.  
The information from this site investigation is an important contribution to the 
lack of statistical information regarding shore loads and their effects. This survey 
data is valuable due to its comprehensiveness and the difficulty in accessing and 
installing equipment on a commercial construction site. 
 
4.2 Shore Load Investigation 
 
The first site survey was conducted between June and July 2011 and documented 
four investigations on separate concrete pours at a multi-storey shopping centre 
project in Merrylands, Sydney, Australia. The second site survey was conducted 
between November 2011 and January 2012 and documented two investigations on 
Chapter 4 – Shore Load Survey 
    _______________________________________________________________ 
76 
separate concrete pour areas of a multi-storey car park development at Sydney 
International Airport, Australia. The third site survey was conducted between 
April 2012 and June 2012 and documented four investigations on separate 
concrete pours at another multi-storey car park and shopping centre project in 
Merrylands, Sydney, Australia. 
 
4.2.1 Instrumentation Used 
Twenty modified U-heads were utilised in all ten site investigations and each were 
labelled LC1 to LC20. Each U-head contained a strain gauge based stainless steel 
load cell with 100kN capacity, as seen in Figure 4.1. 
                                        
Figure 4.1: Load cell contained in U-head support 
 
A site box was used to store the testing equipment, including the data acquisition 
system, load cell cabling, a single computer, a cooling fan and camera equipment. 
A twenty channel data acquisition module was also used to collect data at a 
sample rate of 0.5 seconds for each of the twenty channels. Figure 4.2 
demonstrates the typical configuration of components used at each site 
investigation. The U-head was positioned at the top of the scaffolding for ease of 
installation.  
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Figure 4.2: Typical experimental set up with U-heads in place and cables attached. 
 
4.2.2 Survey Procedure 
Each site investigation utilised the following experimental procedure: 
1. Determine the most appropriate locations for the twenty load cells.  
2. Mark the vertical position of the existing U-head on the jack thread. 
Measure the position for the new U-head with a vernier caliper. 
3. Unscrew the old U-head and install the instrumented U-heads (referred to 
as LC1 to LC20) such that the top plate of the old and the new U-heads are 
in exactly the same position in the vertical plane (utilising the markings 
from Step 2).  
4. Connect all twenty load cells to the data acquisition system using the 
associated load cells and calibrated cable.  
5. Secure the site box to a concrete column and find a power outlet. 
6. Zero all load cells prior to pouring the concrete.   
7. Initiate data recording prior to concrete placement to measure the dead and 
live loads during placement and curing.  
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8. Observe, photograph, and record the entire pour, including the post pour 
‘power trowelling’, noting the number of workmen, the location of 
equipment, the placement pattern, type of concrete and the concrete pump-
rate, and the foundations and location of load cells.  
9. Repeat Steps 1 to Step 8 for each Site Investigation. 
 
4.2.3 Logistics of Site Investigations 
The logistical procedure for installing the testing equipment cannot be 
overlooked. Installing the equipment and collecting the data is an extremely 
complicated undertaking on a full scale commercial construction site, as was 
maintaining our relationship with the site project managers to ensure that data 
collection did not delay the project or interfere with construction. Rapid 
construction sequences meant that the site investigations required quick 
installation and de-installation of data recording equipment.  
 
4.2.4 Testing Equipment 
The testing equipment had to be rugged enough to endure the harsh conditions of 
a full scale construction site, so all the U-heads were stainless steel and fully 
waterproofed and were contained neatly between two thick steel plates to prevent 
damage. All the electrical cords were waterproofed, had watertight connections, 
and were always cable tied out of the way of construction workers. The data 
logging system and computer were installed in a steel site box (portable 
equipment container) that was sealed from moisture, dirt and dust, and could be 
wheeled and craned between tests. It was also electrically earthed to prevent 
electrocution. The site box was also equipped with a cooling fan and filtered 
intake port to cool the computing and data acquisition systems, and it had a raised 
bottom to protect the testing equipment in case the box was damaged.  
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4.3 Load Survey Data Collection  
 
4.3.1 Load Effect not Applied Load 
The amount of load which a vertical element receives (the shore load effect) can 
differ greatly from the load calculated using a traditional tributary area applied 
load analysis so to provide accurate statistical results, the shore load must be the 
measured rather than the applied load. This requirement is even more applicable 
for temporary structures used in construction because they are commonly 
designed without the redundancies inherent in the permanent structures they 
support.  
Furthermore, analysing the shore load effect is necessitated by the highly localised 
and variable nature of construction loads. Assessing the shore load effect rather 
than the applied load (actual load on slab) provides valuable information on the 
interaction between the load and the scaffold system as well as the variation and 
magnitude of the load. Rosowsky et al. (1997) suggested that assessing this 
relationship could be an alternative approach to developing more complex 
structural analysis ‘resistance’ models.  
 
4.3.2 Calculating Nominal (Predicted) Shore Dead Load      
The nominal or predicted loads in shores were determined using tributary area 
analysis based on the loaded area of each shore. Known as the Simplified Method, 
this accounted for the weight of the formwork, the reinforcement and wet concrete 
(based on the concrete suppliers wet density tests at each pour, for example, Site 
1, Investigation 1 was 22.14kN/m
3
). This simplified method was utilised to 
calculate the nominal (predicted) load because of the complex and often irregular 
arrangement of timber bearers and joists that comprise a formwork system. 
Furthermore, the simplified method gives comparable results to the more accurate 
‘beam method’ (Ikaheimonen, 1997) which considers the effects of continuity.  
The nominal (predicted) dead load was calculated by determining the thickness of 
the concrete (Table 4.3), the weight of the formwork (Table 4.1) and the weight of 
the reinforcement (Table 4.2). The calculation of these weights is demonstrated in 
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the subsequent sections 4.3.2.1, 4.3.2.2 and 4.3.2.3, respectively. The thickness of 
the concrete was determined from the known depth of pour recorded on 
engineering drawings and confirmed on site. The weight of the formwork was 
calculated for each pour area and was generally around 0.4 kPa, as confirmed in 
Table 4.1, which agreed with the value used by the engineers at the PO, Acrow 
Formwork and Scaffolding Pty Ltd, and was also the same as that proposed in 
(AS3610, 1995). Although the weight of the formwork and reinforcement was 
calculated across all ten site investigations, a parametric sensitivity analysis into 
the factors affecting load calculations indicated that it had little effect on the final 
result. This was intuitive because each component made up less than 10% of the 
weight of concrete. 
 
4.3.2.1 Weight of Formwork 
The self weight of formwork was determined using the supplier handbook for 
each component. The following Table 4.1 presents the calculation of the weight of 
formwork used to calculate the nominal (predicted) loads.  
 
Table 4.1: Calculation of Formwork Load in shores 
Formwork 
Element 
Material Weight Load (kPa) 
Soffit Ply 17-10-7 F14 Ply 9.54 kg/m
2 
0.094 
Joists, L = 3.6m  95 x 65 LVL 5 at 3.6kg/m 0.177 
Bearers 50 x 77 LVL 2 at 6.7kg/m 0.131 
Total   0.402 kN/m
2 
 
4.3.2.2 Weight of Reinforcement and Post Tensioning  
The nominal weight of reinforcement was determined by analysing the 
reinforcement drawing provided by the steelwork subcontractor and then cross 
referencing it with the photographic evidence and site inspection on the day of the 
pour; the weight due to reinforcement was approximately 0.4kPa in all ten pour 
areas investigated. This was also the value used by the design engineers from 
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Acrow Formwork and Scaffolding. The following calculation (Table 4.2) was 
performed for Site 1 Investigation 2 which consisted of a post tensioned slab, low 
level of reinforcement, and a Bondek steel decking system. 
 
Table 4.2: Reinforcement weight calculation 
Reinforcement 
component 
Material Weight 
kg/m
2
 
Load 
(kPa) 
Top (Transverse and 
Longitudinal) 
 
SL81 Mesh 
 
7.29 
 
0.071 
Bottom (Transverse 
and Longitudinal) 
 
SL81 Mesh 
 
7.29 
 
0.071 
Shear Ties and 
Additional Ties 
N12 @ 200 centres 4.3  
0.033 
Post Tensioning 5 strands at 1000 centres 
both ways (0.775kg/m) 
2x(0.775x 5) 0.077 
Steel Decking 1mm Bondek
 
13.8  0.135 
Total   0.387 
kN/m
2 
 
4.3.2.3 Weight of Concrete 
The nominal (predicted) weight of concrete was determined by measuring the 
specific density of concrete for each separate site investigation and by averaging 
the calculated density (calculated by the manufacturer) for concrete delivered to 
the specific pour area. As Table 4.3 shows, the average wet density of concrete for 
Site 1, Investigation 4 was 22.98     ⁄  as determined from an average of eight 
trucks which delivered concrete to the area being investigated.  
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Table 4.3: Site 1 Investigation 4, documentation of wet density of concrete from each truck 
Date 
Cast 
Source 
Name 
Batch 
ID 
Pour 
Area  
Product 
Code 
Density 
(kN/m
3
) 
Average 
Density  
21/06/
11 Granville 
26377
376 
Level 1 
 Pour 4 
PT40-20-
22@3-90 22.80 
 21/06/
11 Granville 
26377
381 
Level 1 
 Pour 4 
PT40-20-
22@3-90 22.40 
 21/06/
11 Granville 
26377
393 
Level 1 
 Pour 4 
PT40-20-
22@3-90 22.80 
 21/06/
11 Granville 
26377
401 
Level 1 
 Pour 4 
PT40-20-
22@3-90 23.20 
 21/06/
11 Granville 
26377
412 
Level 1 
 Pour 4 
PT40-20-
22@3-90 23.20 
 21/06/
11 Smithfield 
26710
415 
Level 1 
 Pour 4 
PT40-20-
22@3-90 23.20 
 21/06/
11 Smithfield 
26710
419 
Level 1 
 Pour 4 
PT40-20-
22@3-90 23.10 
 21/06/
11 Smithfield 
26710
427 
Level 1 
 Pour 4 
PT40-20-
22@3-90 23.10 22.98 kN/m3
 
 
4.3.3 Calculating Nominal (Predicted) Shore Live Load      
The predicted shore Live Load (    was calculated based on Australian Standards 
(AS3610, 1995), during Stage II of construction. The Australian Standard requires 
that a 1.0 kPa live load be applied and unless noted otherwise, this value will be 
adopted for the remainder of this thesis. Note that the predicted live load of the 
investigation would need altering if a different code were adopted. For example, 
the American standard (ACI 347 (2004)) requires 2.4 kPa (50 p.s.f) to be applied 
at all stages of construction.  
 
4.3.4 Surveyed (actual) Shore Dead Load 
Surveyed (actual) shore loads were recorded on site using the experimental 
procedure documented above. The surveyed load data was gathered such that the 
installation of load cells did not affect the way the scaffolding had originally been 
erected. That is, any discrepancies in the jack height that were present during 
installation by the formwork subcontractor were not changed and load cells were 
installed just like any regular U-head. This ensured that the most representative 
load data was recorded.  
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For each load cell, numbered LC1 to LC20, the surveyed (actual) load was taken 
from the acquired data as a (kg) and then converted to kN. The surveyed dead 
load was measured after the concrete had been poured and all workers and 
equipment no longer remained on the slab. This generally occurred approximately 
4.5 hours after the pour had begun. This point in time can be seen in Figure 4.3 as 
the plateau of all load cells after their initial spike which was due to both live and 
dead load. Both the spike and plateau of LC15 (lime green line with two red 
arrows) can be seen in Figure 4.3 at approximately 3.5 hours and 4.5 hours, 
respectively. 
 
Figure 4.3 Initial 4 hours of Concrete Pour (Site 1, Investigation 2) demonstrating the 
calculation of Peak Load, Dead Load and Live Load 
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4.3.5 Surveyed (actual) Shore Live Load  
Surveyed (actual) peak loads occur at two distinct periods; either (a) during the 
pouring of concrete, from the weight of workmen and equipment. During site 
investigations up to sixteen workers and equipment, including two mechanical 
vibrators, were moving around on the concrete deck. Or (b) a few hours after 
pouring when ‘power trowelling’ occurs. Power trowelling is working the surface 
free from moisture using a motorised buggy with trowel blades on its base. This 
process typically occurs 4-10 hours after pouring the concrete, and usually lasts 
for 2-6 hours, depending on wind, air temperature, type of concrete, and sun light, 
et cetera. Power trowelling induced a live load into the U-heads, seen as short 
sharp positive spikes in the load-time histogram (Figure 4.3) between 4.5 and 8.5 
hours. Power Trowelling is still considered to be in the critical Stage II of the 
construction process in the Australian Standards (AS3610, 1995). 
The live load recorded was actually a ‘companion’ live load because it is related 
to the peak dead load and can occur at one of two points (described above and in 
Figure 4.3), but for simplicity the companion live load will be referred to as the 
live load. The maximum live load may occur at any stage of the construction 
cycle, for example, prior to concrete placement when there are a large number of 
workmen, equipment and materials on the scaffolding. In this thesis however, the 
surveyed data collected only considers the maximum live load that occurred 
during the critical Stage II of construction. 
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4.3.6 Summary of Equations Defining Dead and Live Loads 
As described in Chapter 3, the following equations define how dead and live loads 
are calculated. They have been repeated here for convenience.  
a) Predicted Dead Load = (Weight of reinforcement + concrete + formwork) 
x TA 
b) Predicted Live Load = 1kPa x TA (based on AS3610 (1995)) 
c) Surveyed Peak Load - Surveyed Dead Load = Surveyed Live Load  
d) Predicted Dead Load + Predicted Live Load = Predicted Peak Load  
e) Surveyed Dead Load / Predicted Dead Load = Relative Dead Load 
f) Surveyed Live Load / Predicted Live Load = Relative Live Load 
g)   Surveyed Dead Load /   Predicted Dead Load = Mean-to-Nominal Dead 
Load ( ̅      
h)   Surveyed Live Load /   Predicted Live Load = Mean-to-Nominal Live 
Load ( ̅      
Both the predicted and surveyed, dead and live loads were normalised by dividing 
the result by the tributary area. Furthermore, the relative dead load and relative 
live loads are non-dimensional and normalised, allowing for a true comparison of 
values between authors. In making these comparisons the true variability of shore 
loads and the accuracy of current engineering practice in calculating shore loads 
can be meaningfully compared. 
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Site Investigations 
4.4 Site Investigation One 
4.4.1 Job Name: Merrylands Shopping Centre 
Job Description:  3 storey shopping centre construction consisting of 
post-tensioned slabs and beams. 
Job Dates:    21/6/2011- 30/7/2011 
Job Location:    Merrylands, Sydney 
Contractor:    Stockland and Multiplex Joint Venture 
Site Manager:    Brookfield Multiplex.  
Scaffolding Subcontractor:  Rediform Pty. Ltd. 
 
4.4.2 Detailed Site description 
The first building under investigation was a 4 storey shopping complex in 
Merrylands, Sydney. Its general construction was a post-tensioned, one-way slab 
spanning 8.7m between beams and columns. Floor to Floor heights ranged from 
3.8m to 7.672m, slab thicknesses ranged from 170mm to 320mm, grid spacing 
was 8.2m in a north-south direction and 8.7m in an east-west direction. Shore load 
surveys were conducted on three levels of the building, but no investigations were 
conducted where the base plates of the standards bore onto the ground, in turn 
eliminating any differential settlement occurring in base plates.  
 
4.4.3 Formwork and Falsework 
Typical scaffolding used:   1.5m lifts, 300mm jack extension 
Soffit formwork:   17-10-7 F14 Ply (17mm Thick) 
Bearers:    Truform 95 x 65 LVLs (varying lengths) 
Joists:    Truform 150 x 77 LVLs (varying lengths) 
 
The general arrangement of formwork from top to bottom was 17mm soffit 
plywood, Truform 95 x 65 LVL Joists and Truform 150 x 77 LVL Bearers which 
spanned between U-heads and finally the bays of scaffolding which ranged in size 
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from 1.0 to 1.83m, and there were typically three 1.5m lifts of scaffolding with an 
average top jack extension of 300mm. 
 
4.4.4 Foundation Description 
The base plates were in direct contact with a 200mm thick slab or 600mm thick 
beam. They were generally more than seven days old (at least 50% gain in 
strength) and were further back propped on at least one level below so it was 
assumed that no settlement or vertical translation of the base plates had occurred.  
 
4.4.5 Concreting Methodology  
Concreting Method (pump):   100mm diameter hose 
Number of People on Deck:  Ranged from 6-16 during pouring 
Pumping Rate:   60    ⁄  (approx)     
Average Drop Height:   350mm (approx) 
Concrete Placement Pattern:   Typical “S-Pattern” 
 
4.4.6 Concrete 
Concrete Product Code:   Boral PT40-20-22 @ 3-90  
Concrete Type and Grade:   Boral Post-Tensioned 40 MPa mix 
Concrete Density:  22.53     ⁄ . (average density)  
Four separate pour areas were investigated on level one and level two, level one 
being future retail space and level two being a rooftop car park slab. In each 
investigation data was collected for at least twenty-four hours at each location 
from twenty shores with a 100 kN load cell installed.  
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Figure 4.4: Snapshot of the General Arrangement of Level 2 beams, slabs and scaffolding layout. 
 
Figure 4.5: Elevation A-A from Figure 4.4 
 
Figure 4.6: Elevation B-B from figure 4.4 
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4.4.7 Representative Load-Time Histogram  
The following load-time histograms represent the data acquired during each of the 
four site investigations. Figure 4.7 represents the load data that accumulated 
during pouring and Figure 4.8 documents the full data set. All data accumulated 
and load-time histograms for each investigation are in Appendix 4. 
 
Figure 4.7: Load-Time Histogram for all Load cells during pouring (4hours) at Site 1, 
Investigation 4 
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Figure 4.8: Load-Time Histogram for all Load cells (100hours) at Site 1, Investigation 4 
 
Site One Investigation One _ 21/6/2011 
  
 
Figure 4.9: Load Cell Configuration with DL and LL Ratio's for Site 1 Investigation 1 
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Site One Investigation Two _ 30/6/2011 
 
 
Figure 4.10: Load Cell Configuration with DL and LL Ratio's for Site 1 Investigation 2 
 
Site One Investigation Three _ 24/7/2011 
 
 
Figure 4.11: Load Cell Configuration with DL and LL Ratio's for Site 1 Investigation 3 
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Site One Investigation Four _ 29/7/2011 
 
Figure 4.12: Load Cell Configuration with DL and LL Ratio's for Site 1 Investigation 4 
 
SITE 1 RESULTS 
Please note: All information for each investigation including complete load –time 
histogram for all data recorded, site investigation photographs and the 
configuration of load cells are in Appendix 4, and all the surveyed and predicted 
live and dead load data can be found in Appendix 5. 
 
Table 4.4: Summary of Peak Loads, Relative Dead and Relative Live Load Ratio (Surveyed / 
Predicted) 
Max	Leg	Loads Surveyed	Peak	Values	(kg)
1 2 3 4 5 6 7 8 9 10 11 12 13 14 15 16 17 18 19 20 Max AVG
Pour	1	 1855 2040 1083 1506 1185 1343 1324 1515 1372 1494 1345 1443 1450 1671 1786 1601 1129 1375 1622 1515 2040 1482.7
Pour	2 2182 2569 2674 1216 1709 2326 825 1084 2057 896 2503 2523 1883 3032 2242 2650 3746 3505 2480 1859 3746 2198.05
Pour	3 1792 2139 1889 1517 1421 1971 0 937 2131 2204 2265 2048 1957 1685 1877 1338 1388 1401 1440 1425 2265 1727.63
Pour	4 1668 2574 3094 1978 2373 3009 3612 2539 1627 2010 1851 1635 1841 2646 2098 2509 1918 1624 1870 2216 3612 2234.6
kg 3746 1910.75
kN 36.7357 18.738
Dead	Loads Relative	Dead	Load	Ratio
1 2 3 4 5 6 7 8 9 10 11 12 13 14 15 16 17 18 19 20 MAX MIN AVG
Pour	1	 1.197 1.355 1.239 1.556 0.756 0.740 1.025 0.836 0.748 0.829 1.359 1.443 0.836 1.621 1.738 0.988 0.609 0.925 0.713 1.081 1.738 0.609 1.080
Pour	2 1.831 1.092 1.125 0.943 1.062 1.279 0.596 0.620 1.113 0.504 0.702 0.711 1.150 1.554 1.116 1.093 0.925 0.859 0.926 1.562 1.831 0.504 1.038
Pour	3 1.105 1.221 1.073 1.176 0.930 1.162 0.000 0.744 1.461 1.533 1.614 1.463 1.444 1.175 1.342 0.959 1.011 0.997 1.063 0.962 1.614 0.744 1.181
Pour	4 0.915 0.927 1.139 0.817 1.246 1.043 1.332 1.062 0.934 1.395 1.178 1.052 1.056 1.231 0.814 0.949 0.658 0.595 0.616 0.758 1.395 0.595 0.986
AVG 1.071
Live	Loads Relative	Live	Load	Ratio
1 2 3 4 5 6 7 8 9 10 11 12 13 14 15 16 17 18 19 20 MAX MIN AVG
Pour	1	 0.750 0.975 0.757 1.692 1.200 1.141 1.875 1.283 1.203 1.241 0.468 0.561 1.058 0.844 0.878 0.861 1.020 1.210 0.743 0.793 1.875 0.468 1.028
Pour	2 0.675 0.557 0.696 0.738 0.961 0.852 0.705 0.861 0.837 0.750 0.616 0.570 0.927 1.418 0.485 0.744 0.654 0.722 0.722 0.565 1.418 0.485 0.753
Pour	3 0.899 0.658 0.616 0.764 0.456 0.350 0.000 0.388 1.068 1.000 0.841 0.746 0.489 0.750 0.678 0.470 0.409 0.526 0.360 0.788 1.068 0.360 0.645
Pour	4 0.278 0.302 1.111 0.687 0.704 0.774 1.272 0.767 0.463 0.494 0.480 0.359 0.529 0.943 0.491 0.795 0.672 0.253 0.357 0.190 1.272 0.190 0.596
AVG 0.755
MEAN-TO-NOMINAL	RATIO
MEAN-TO-NOMINAL	RATIO
COV
0.161
0.360
0.305
0.247
0.276
0.276
COV
0.314
0.328
0.297
0.234
0.294
COV
0.337
0.267
0.399
0.488
0.362  
Chapter 4 – Shore Load Survey 
    _______________________________________________________________ 
93 
4.4.8 Site One Discussion 
A summary of the four site investigations are shown in Table 4.4. The results 
indicate that the mean surveyed shore dead loads agreed on average with the 
predicted nominal values when the tributary area method was used. The average 
mean-to-nominal ratio across all investigations was 1.071 but there was a 
significant variation of relative shore loads in individual shores. The coefficient of 
variation of relative dead load in Investigation 2 was 0.328 and the maximum and 
minimum relative dead loads were 1.831 and 0.504, respectively. Furthermore, a 
large coefficient of variation of live load was identified; in Investigation 1 the 
COV was 0.337 and the maximum and minimum relative live loads were 1.875 
and 0.468, respectively. The factors contributing to variation will be discussed. 
The load cells in all four investigation areas were arranged to identify relative 
shore loads in both slabs and beams. The stick plot showing relative load ratios 
(Figure 4.9, Figure 4.10, Figure 4.11 and Figure 4.12) shows there was no 
ongoing pattern or trend in relative load results. For example in Site 1, 
Investigation 4, under the tributary area method, LC1-4 and LC5-8 should 
theoretically have the same load but there was no real correlation or consistency 
in relative shore loads under the surveyed concrete beam. Instead, the variation in 
relative load was arguably based on a number of factors such as discrepancies in 
the jack height and load path, incorrectly measured amounts of steel due to last 
minute changes, and changes to the thickness of the concrete, et cetera. These 
factors will be discussed further at the end of the results section. Site experience 
revealed that the results were affected quite significantly by discrepancies in the 
jack height discrepancies due to poor erection practices. These effects will be 
discussed in more detail at the end of the results section. 
During the first investigation the shore load was measured in a slightly different 
way to the method used in all subsequent tests. Due to the time restrictions in 
setting up the load cells for this particular investigation, it was only possible to 
measure the concrete load during pouring. The technique of investigation for Site 
1, Investigation 1 meant that load cells were zeroed with the weight of formwork 
and reinforcement already applied. The effects of this were factored into the 
statistical investigation such that accurate results have been incorporated into the 
data.  
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4.5 Site Investigation Two 
4.5.1 Job Name: Sydney Airport Carpark 
Job Description:  8 storey car park consisting of post-tensioned slabs 
and beams. 
Job Dates:    November 2012 – February 2013 
Job Location:    Mascot, Sydney 
Contractor:    Stockland and Multiplex Joint Venture 
Site Manager:    Brookfield Multiplex.  
Scaffolding Subcontractor:  Rediform Pty. Ltd. 
 
4.5.2 Detailed Site Description 
The building under investigation was an 8 storey car park at Mascot, Sydney. The 
general construction was a post-tensioned, one-way slab spanning 8.7m between 
beams and columns. Floor to Floor on the first level was 2.9m, slab thicknesses 
ranged from 210mm to 250mm, and the grid spacing was 8.7m in both directions. 
The load surveys were conducted on the first level of the building.  
4.5.3 Formwork and Falsework 
Typical scaffolding used:   1.5m lifts, 300mm jack extension 
Soffit formwork:   17-10-7 F14 Ply  (17mm Thick) 
Bearers:    Truform 95 x 65 LVLs (varying lengths) 
Joists:    Truform 150 x 77 LVLs (varying lengths) 
 
The general arrangement of formwork from top to bottom was 17mm soffit 
plywood, Truform 95 x 65 LVL Joists and Truform 150 x 77 LVL Bearers which 
spanned between U-heads and bays of scaffolding which ranged in size from 1.0 
to 1.83m. There were typically three 1.5m lifts of scaffolding with an average top 
jack extension of 300mm. Quite frustratingly, only two concrete pours were 
investigated because the formwork system was changed from Supercuplok to 
Acrow Props after level 1, to increase the speed of construction caused by rain 
delays. As a result, only two pour areas were investigated. 
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4.5.4 Foundation Description 
Base plates were in direct contact with a timber packers which sat on an existing 
asphalt surface.  
 
4.5.5 Concreting Methodology  
Concreting Method (pump):   100mm diameter hose 
Number of People on Deck:  Ranged from 6-16 people at any one point 
during pouring 
Pumping Rate:   60    ⁄  (approx)     
Average Drop Height:   350mm (approx) 
Concrete Placement Pattern:   Typical “S-Pattern” 
 
4.5.6 Concrete 
Concrete Product Code:   Boral PT40-20-22 @ 3-90  
Concrete Type and Grade:   Boral Post-Tensioned 40 MPa mix 
Concrete Density:    22.5     ⁄  (average density of mix) 
 
Two separate pour areas were investigated on level one of the site. Both pours 
were for a future car park. During each investigation data were collected for at 
least twenty four hours at each location, from twenty shores which had a 100 kN 
load cell installed.  
4.5.7 Representative Load-Time Histogram  
The following load-time histograms represent the data acquired during each of the 
four site investigations. Figure 4.13 represents the load data accumulated during 
pouring and Figure 4.14 documents the full data set. All data accumulated and 
load-time histograms for each investigation are in Appendix 4. 
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Figure 4.13: Load-Time Histogram for all Load cells during pouring at Site 2, Investigation 1 
 
       
Figure 4.14: Load-Time Histogram for all Load cells (140 hours) at Site 2, Investigation 1 
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4.5.8 Site Two Investigation One  
 
Figure 4.15: Load Cell Configuration with DL and LL Ratio's for Site 2 Investigation 1 
 
4.5.9 Site Two Investigation Two _ 4/1/2012 
 
Figure 4.16: Load Cell Configuration with DL and LL Ratio's for Site 2 Investigation 2 
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SITE 2 
Please note: All the information for each investigation, including completed load 
–time histograms for all data recorded, site investigation photographs and the 
configuration of load cells is in Appendix 4, and all the surveyed and predicted 
live and dead load data is in Appendix 5. 
Table 4.5: Summary of Peak Loads, Relative Dead and Relative Live Load Ratio (Surveyed / 
Predicted) 
 
4.5.10 Site Two Discussion 
A summary of the two site investigations is shown in Table 4.5 and it indicates 
that the mean surveyed shore dead loads agreed with the predicted nominal values 
when the tributary area method was used. The average mean-to-nominal ratio 
across all investigations was 1.006 but there was a significant variation of relative 
shore loads in individual shores. The coefficient of variation of mean-to-nominal 
dead load in Investigation 1 was 0.305 and the maximum and minimum relative 
dead loads are 1.4 and 0.581, respectively. The live load however, displayed 
highly uncharacteristic results in Investigation 1 with a mean value of 1.217, 
while LC1-4 had relative live load ratios greater than 2.0 (LC2 is 2.86). These 
were significantly higher than anything previously recorded and demonstrate that 
in some cases the live load may be significant. Unfortunately, there was no visual 
confirmation of this live load or what caused it so it was assumed that the above 
average relative live load was due to LC1-4 experiencing higher than average 
peak live loads during power trowelling. These peaks may be due to two fully 
loaded power trowels being used. This is the first and only time this trend was 
identified. The zero value noted in LC 4 was noted during the site survey when a 
cable was momentarily detached and cleaned when water appeared to be spilt all 
over the connector.  
Max	Leg	Loads Surveyed	Peak	Values	(kg)
1 2 3 4 5 6 7 8 9 10 11 12 13 14 15 16 17 18 19 20 MAX MEAN
Pour	1	 1788 2252 2113 2038 1861 2759 2309 2331 2090 1994 2228 1814 2105 0 2269 2346 2224 2121 2515 2097 2759 2171.26
Pour	2 1683 1515 1496 1733 1524 1823 1970 1768 1926 1708 1723 1810 1874 0 1828 1580 1645 1616 2266 1684 2266 1745.89
2759.00 1958.58
27.07 19.21
Dead	Loads Relative	Dead	Load	Ratio
1 2 3 4 5 6 7 8 9 10 11 12 13 14 15 16 17 18 19 20 MAX MIN MEAN
Pour	1	 0.581 0.731 0.686 0.684 0.906 1.400 1.157 1.154 1.043 0.961 1.112 0.897 1.067 0.000 1.152 1.197 1.123 1.047 1.243 1.006 1.400 0.581 1.008
Pour	2 0.945 0.841 0.889 1.000 0.827 1.058 1.135 1.027 1.154 0.964 0.989 1.044 1.051 0.000 1.082 0.908 0.940 0.917 1.348 0.946 1.348 0.827 1.003
AVG 1.006
Live	Loads Relative	Live	Load	Ratio
1 2 3 4 5 6 7 8 9 10 11 12 13 14 15 16 17 18 19 20 MAX MIN MEAN
Pour	1	 2.269 2.864 2.685 2.480 0.829 0.937 0.861 0.937 0.799 0.934 0.849 0.735 0.720 0.000 0.767 0.764 0.785 0.870 1.025 1.007 2.864 0.720 1.217
Pour	2 0.943 0.890 0.633 0.858 0.975 0.878 0.981 0.846 0.773 0.937 0.876 0.899 1.054 0.000 0.791 0.797 0.855 0.864 0.952 0.943 1.054 0.633 0.881
AVG 1.049
MEAN-TO-NOMINAL	RATIO
MEAN-TO-NOMINAL	RATIO
COV
0.247
0.246
0.25
0.25
COV
0.305
0.253
0.279
COV
0.627
0.246
0.437
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4.6 Site Investigation Three 
4.6.1 Job Name: Merrylands Shopping Centre 
Job Description:  3 storey shopping centre construction consisting of 
post-tensioned slabs and beams. 
Job Dates:    21/6/2011- 30/7/2011 
Job Location:    Merrylands, Sydney 
Contractor:    Stockland and Multiplex Joint Venture 
Site Manager:    Brookfield Multiplex.  
Scaffolding Subcontractor:  Rediform Pty. Ltd. 
 
4.6.2 Detailed Site Description 
Site 3 was a 5 storey car park and shopping centre structure located in Western 
Sydney. Four separate pour areas were investigated, across 3 levels of 
construction. The general construction was a post-tensioned, one-way slab 
spanning 8.7m between beams and columns. Floor to Floor heights ranged from 
3.8m to 7.7m, slab thicknesses ranged from 170mm to 320mm, and grid spacing 
was 8.2m in north-south direction and 8.7m in east-west direction.  
 
4.6.3 Formwork and Falsework 
Typical scaffolding used:  1.5m lifts, 300mm jack extension 
Soffit formwork:   17-10-7 F14 Ply (17mm Thick) 
Bearers:    Truform 95 x 65 LVLs (varying lengths) 
Joists:    Truform 150 x 77 LVLs (varying lengths) 
 
The general arrangement of formwork from top to bottom was 17mm soffit 
plywood, Truform 95 x 65 LVL Joists and Truform 150 x 77 LVL Bearers which 
spanned between U-heads and the bays of scaffolding which ranged from 1.0 to 
1.83m. Furthermore, there was typically three 1.5m lifts of scaffolding with an 
average top jack extension of 300mm. 
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4.6.4 Foundation Description 
The base plates were in direct contact with a 200mm thick slab or 600mm thick 
beam that was generally more than seven days old (at least 50% strength gain) and 
were further back propped on at least 1 level below. Hence it was assumed no 
settlement or vertical translation of the base plates occurred.  
 
4.6.5 Concreting Methodology  
Concreting Method (pump):   100mm diameter hose 
Number of People on Deck:  Ranged from 6-16 people at any one point 
during pouring 
Pumping Rate:   60    ⁄  (approx)     
Average Drop Height:    350mm (approx) 
Concrete Placement Pattern:   Typical “S-Pattern” 
 
4.6.6 Concrete 
Concrete Product Code:   Boral PT40-20-22 @ 3-90  
Concrete Type and Grade:   Boral Post-Tensioned 40 MPa mix 
Concrete Density:    22.5     ⁄ (average density of mix) 
 
Four separate pour areas were investigated on level two and level three of the site. 
In each investigation, data were collected for at least twenty-four hours at each 
location from twenty shores which had a 100 kN load cell installed.  
 
4.6.7 Representative Load-Time Histogram  
The following load-time histograms represent the data acquired during each site 
investigation. Figure 4.17 represents the load data accumulated during pouring 
and Figure 4.18 documents the full data set. All data accumulated and load-time 
histograms for each investigation are in Appendix 4. 
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Figure 4.17: Load-Time Histogram for all Load cells during pouring (6 hours) at Site 3, 
Investigation 4 
    
Figure 4.18: Load-Time Histogram for all Load cells (160 hours) at Site 3, Investigation 4 
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4.6.8 Site Three Investigation One  
 
 
 
Figure 4.19: Load Cell Configuration with DL and LL Ratio's for Site 3 Investigation 1 
 
4.6.9 Site Three Investigation Two _ 26/4/2012 
 
 
 
Figure 4.20: Load Cell Configuration with DL and LL Ratio's for Site 3 Investigation 2 
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4.6.10 Site Three Investigation Three _ 3/5/2012 
 
 
Figure 4.21: Load Cell Configuration with DL and LL Ratio's for Site 3 Investigation 3 
 
4.6.11 Site Three Investigation Four _ 9/5/2012 
 
Figure 4.22: Load Cell Configuration with DL and LL Ratio's for Site 3 Investigation 4 
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SITE 3  
All the information for each investigation including complete load-time 
histograms for all data recorded, site investigation photographs and the 
configuration of load cells is in Appendix 4, and all the surveyed and predicted 
live and dead load data is in Appendix 5. 
 
Table 4.6: Summary of Peak Loads, Relative Dead and Relative Live Load Ratio (Surveyed / 
Predicted) 
 
 
4.6.12  Site Three Discussion 
A summary of the four site investigations are shown in Table 4.6, and the results 
indicate that the surveyed shore dead loads agree on average with the predicted 
nominal values when the tributary area method is used. The average mean-to-
nominal ratio across all investigations was 1.050, but there was a significant 
variation of relative shore loads in the individual shores. That is, there was a high 
variability in relative dead and live load between the individual shores. The 
coefficient of variation of relative dead load in Investigation 4 was 0.332, and the 
maximum and minimum relative dead loads are 1.215 and 0.930, respectively. 
Furthermore, mean-to-nominal live load was 0.739, and the average coefficient of 
variation of relative live load over all 4 investigations was 0.353. 
In site investigation three there were higher relative dead load values for LC 17, 
18, 19 and LC 20. This occurred as a result of their placement on an end span with 
an unusual formwork and false work configuration that included wooden shores, 
Max	Leg	Loads	 Surveyed	Peak	Values	(kg)
1 2 3 4 5 6 7 8 9 10 11 12 13 14 15 16 17 18 19 20 MAX AVG
Pour	1	 2112 2145 2381 1914 1723 2265 1929 2140 2006 1728 1542 1956 2186 0 1992 1957 2066 1296 1564 1554 2381 1919
Pour	2 2391 2235 2128 1981 2146 2132 1818 2014 878 3361 1423 2588 0 0 2198 2237 2571 2407 2251 2202 3361 2165
Pour	3 2355 2101 2009 2123 2010 1819 1238 1433 1653 1675 2062 2214 0 0 1981 2221 2563 2640 2086 2205 2640 2022
Pour	4 2947 1505 1049 0 1140 1753 1929 2227 1793 2016 1672 2279 0 0 1119 1585 1025 2222 1836 0 2947 1756
kg 3361 1965
kN 32.96 19.27
Dead	Loads Relative	Dead	Load	Ratio
1 2 3 4 5 6 7 8 9 10 11 12 13 14 15 16 17 18 19 20 MAX MIN AVG
Pour	1	 1.084 1.101 1.214 1.131 1.021 1.298 0.873 0.981 0.911 0.949 0.807 1.005 1.206 0.000 1.081 1.270 1.350 0.731 0.770 0.895 1.350 0.731 1.036
Pour	2 1.262 1.052 1.165 0.997 0.943 1.131 0.934 0.881 0.335 0.958 0.552 1.424 0.000 0.000 1.221 1.182 1.165 1.256 1.193 1.056 1.424 0.335 1.039
Pour	3 1.116 1.008 0.929 1.036 1.119 1.037 0.830 0.990 0.923 0.968 0.985 1.087 0.000 0.000 0.983 1.139 1.118 1.109 1.158 1.263 1.263 0.830 1.044
Pour	4 1.189 1.014 0.930 0.000 1.215 1.162 1.133 1.014 1.074 1.190 0.968 1.027 0.000 0.000 1.143 1.015 1.055 1.069 1.074 0.000 1.215 0.930 1.080
AVG 1.050
Live	Loads Relative	Live	Load	Ratio
1 2 3 4 5 6 7 8 9 10 11 12 13 14 15 16 17 18 19 20 MAX MIN MEAN
Pour	1	 0.749 0.758 0.889 0.959 0.850 0.724 0.808 0.826 0.823 0.716 0.857 0.688 0.871 0.000 0.895 0.947 0.951 0.842 0.736 0.910 0.959 0.688 0.832
Pour	2 0.653 0.715 0.561 0.813 1.054 0.762 0.637 1.016 0.295 0.612 0.206 0.458 0.000 0.000 0.524 0.668 1.072 1.022 0.652 0.594 1.072 0.206 0.684
Pour	3 0.779 0.630 0.794 0.542 0.819 0.608 0.675 0.620 0.657 0.484 0.638 0.524 0.000 0.000 0.416 0.261 1.376 1.652 0.864 0.702 1.652 0.261 0.725
Pour	4 0.328 0.743 0.566 0.000 0.979 1.719 0.629 0.914 0.384 0.529 0.543 0.996 0.000 0.000 0.613 0.824 0.589 0.597 0.532 0.000 1.719 0.591 0.718
AVG 0.739
MEAN-TO-NOMINAL	RATIO
MEAN-TO-NOMINAL	RATIO
COV
0.148
0.232
0.177
0.429
0.241
0.241
COV
0.175
0.250
0.099
0.332
0.215
COV
0.101
0.359
0.450
0.540
0.353
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as seen in Figure 4.23. The lower stiffness of wooden shores could explain the 
variance in load. 
                        
Figure 4.23: LC20 and formwork configuration 
In site investigation four the loading histogram (Appendix 4) indicates that LC1 
had an extremely large peak value of almost 30kN, a result that can also be seen 
in the higher relative dead load (1.189). LC1 was placed centrally under a 600 x 
1800 concrete beam, so it experienced a higher than average load. There was no 
load sharing in this case because the central load cell took most of the load. This 
higher than expected load was due to the inadequacies of the tributary area 
method (it does not take into account the continuity effect) for load cells under 
concrete beams. 
 
4.7 Summary of Site Investigation Results 
 
There are some clear trends identified in the results and in summary they are: 
1. Load-time histograms show load reducing (excluding daily cycle effects) 
due to hardening of concrete. 
2. An average of the relative dead load ratios across an entire investigation 
(that is, the mean-to-nominal dead load) in all ten site investigations was 
close to 1.0.  
3. There is a large variance (COV) between individual relative shore loads 
(both dead and live). This can be seen in the large coefficient of variation 
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for each investigation and the large discrepancy between maximum and 
minimum relative shore loads in Table 4.7, Table 4.8 and Table 4.9.  
 
Table 4.7: Summary of survey results for Site 1 
SITE INVESTIGATION 1 
 
Relative dead load 
 
MAX MIN MEAN STD DEV COV 
Pour 1 1.738 0.609 1.080 0.339 0.314 
Pour 2 1.831 0.504 1.038 0.341 0.328 
Pour 3 1.614 0.744 1.181 0.351 0.297 
Pour 4 1.395 0.595 0.986 0.231 0.234 
AVERAGE     1.084 0.320 0.295 
      
 
Relative live load 
 
MAX MIN MEAN STD DEV COV 
Pour 1 1.875 0.468 1.028 0.346 0.337 
Pour 2 1.418 0.485 0.753 0.201 0.267 
Pour 3 1.068 0.360 0.645 0.257 0.399 
Pour 4 1.272 0.190 0.596 0.291 0.488 
AVERAGE     0.755 0.274 0.362 
 
Maximum shore loads (kg) 
  
MAX MEAN STD DEV COV 
Pour 1 
 
2040 1483 238.023 0.161 
Pour 2 
 
3746 2198 792.205 0.360 
Pour 3 
 
2265 1728 526.335 0.305 
Pour 4 
 
3612 2235 552.513 0.247 
AVERAGE kg 3746 1911 527.269 0.276 
 
KN 36.736 18.738 5.171 0.276 
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Table 4.8: Summary of survey results for Site 2 
SITE INVESTIGATION 2 
 
Relative dead load 
 
MAX MIN MEAN 
STD 
DEV COV 
Pour 1 1.400 0.581 1.008 0.307 0.305 
Pour 2 1.348 0.827 1.003 0.254 0.253 
AVERAGE 
  
1.006 0.281 0.279 
      
 
Relative live load
 
MAX MIN MEAN 
STD 
DEV COV 
Pour 1 2.864 0.720 1.217 0.764 0.627 
Pour 2 1.054 0.633 0.881 0.217 0.246 
AVERAGE 
  
1.049 0.490 0.437 
 
Maximum shore loads (kg) 
  
MAX MEAN 
STD 
DEV COV 
Pour 1 
 
2759 2171 537.134 0.247 
Pour 2 
 
2266 1746 429.938 0.246 
AVERAGE kg 2759 1959 483.536 0.247 
 
KN 27.066 19.214 4.743 0.247 
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Table 4.9: Summary of survey results for Site 3 
SITE INVESTIGATION 3 
 
Relative dead load 
 
MAX MIN MEAN 
STD 
DEV COV 
Pour 1 1.350 0.731 1.036 0.181 0.175 
Pour 2 1.424 0.335 1.039 0.260 0.250 
Pour 3 1.263 0.830 1.044 0.104 0.099 
Pour 4 2.142 0.930 1.080 0.358 0.332 
AVERAGE     1.050 0.226 0.215 
      Relative live load 
 
MAX MIN MEAN 
STD 
DEV COV 
Pour 1 0.959 0.688 0.832 0.084 0.101 
Pour 2 1.072 0.206 0.684 0.246 0.359 
Pour 3 1.652 0.261 0.767 0.326 0.450 
Pour 4 1.719 0.591 0.775 0.387 0.540 
AVERAGE     0.739 0.261 0.353 
 
Maximum shore loads (kg) 
  
MAX MEAN 
STD 
DEV COV 
Pour 1 
 
2381 283.183 0.148 283.183 
Pour 2 
 
3361 502.381 0.232 502.381 
Pour 3 
 
2640 358.012 0.177 358.012 
Pour 4 
 
2947 752.927 0.429 752.927 
AVERAGE kg 3361 474.130 0.241 474.130 
 
kN 32.960 4.650 0.241 4.650 
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4.8 Main Observations Common in All Investigations  
 
The following section describes the common trends noted in the data collected 
from all ten site investigations. These trends were caused by some key factors 
identified on-site during testing and may account for the variability between 
surveyed and predicted (nominal) dead and live loads. In addition to the 
observations detailed below, some secondary factors were observed during site 
investigations which may have affected the loading results recorded. These were 
bearer continuity, the effect of post tensioning cables, loads from stacked 
materials, pouring the slab using a kibble (bucket) and the effects of concrete 
mounding. Each of these factors is described in Appendix 3. 
 
4.8.1 Discrepancies in the Jack Height  
One of the most critical findings of the investigation was that the portion of load 
attracted to a particular shore was extremely sensitive to minor change in the jack 
height such that if the U-heads are not perfectly level, one shore can attract 
significantly more load than adjacent shores. In many cases the relative shore load 
data confirmed that load sharing occurred between two shores on the same beam 
run. It was clear where a bearer spanned over a slightly lower U-head that this 
shore would have a relative load of less than 1.0 and the adjacent shores would 
have relative loads greater than 1.0. Hence it was assumed that discrepancies in 
the jack height caused the load redistribution amongst shores. It was also noted in 
Site 2, Investigation 2, that ongoing load redistribution amongst shores occurred 
throughout the recording period. In the load-time histogram for Site 2, 
Investigation 2 (see Appendix 4) there is a load redistribution between LC19 and 
LC20. LC19 has a significantly higher relative dead load than LC20, 1.348 and 
0.943 respectively, suggesting that a discrepancy in the jack height existed along 
the length of the bearer.  
These results led the author to monitor minor changes in jack height in the 
remaining investigations. In some cases, it was apparent that some U-heads were 
5-10mm below the timber bearers, as seen in Figure 4.24 and Appendix 6, which 
caused a potential overload of the adjacent standard.  
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Figure 4.24: Gap between U-head and Bearer (Site 3 Investigation 1) 
 
These results led the author to conduct a parametric site investigation into the 
effect of minor changes in the jack height. Although it was deemed impossible to 
do the same test post concrete pour (due to higher load and a rigid slab), a good 
insight into the effect of relative U-head height differences was gained. In this 
parametric investigation, a U-head was unscrewed and unloaded which allowed 
the timber bearer to span between two adjacent U-heads. This effectively zeroed 
out all load from the cell (tare the load cell), which included the weight of 
formwork and reinforcement, and then the U-head was returned to its original 
position. It was then noted that 5.7 kN of load was present, which concurred with 
the theoretical calculation of load used by the Acrow Formwork and Scaffolding 
engineers. The load included a formwork and reinforcement component over a 
3.35 sqm tributary area:                                           
      .  
The effect of the jack height was calculated in another load cell (seen in Table 
4.10). After unscrewing, zeroing, then re-screwing this load cell to its original 
position (so that it bore the full weight of formwork and reinforcement) there was 
now 1250kg of load present. Furthermore the adjacent load cell registered (-
)180kg, suggesting that the initial shore pre-load may affect the final load in the 
shore. This trend was noted in the survey data, which suggested that where the 
ratio of mean to nominal shore preload was greater than 1.0, the final load in the 
shore will typically be greater than the theoretical, that is, a relative load ratio 
more than 1.0. Furthermore, where the shore preload was less than 1.0, the 
relative dead load ratios were also less than 1.0. This was the case in 70% of the 
cells in Site One, Investigation Two. This result was also observed by Rosowsky 
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et al. (1997) who suggested that a magnification factor of 2.0 may be appropriate 
to account for the spatial variability among a group of shores in a common pour 
area. Rosowsky et al. (1997) also commented that the degree of shore variability 
appears to be a function of the amount of pre-compression imparted during 
installation, which the author of this research has also confirmed. 
The results of the tests conducted on two separate load cells in Site 3, 
Investigation 2 are evident in Table 4.10. It was determined that the rotations of 
each jack in the shore preload stage (formwork plus the weight of reinforcement) 
had the following effects: 
 
Table 4.10: Effect of height change in U-heads on load in standards 
Number of 
Rotations 
Change in 
U-head 
Height 
Load 
Cell A 
(kg) 
Difference 
(kg) 
Load 
Cell B 
(kg) 
Difference 
(kg) 
2 full 360 degree 
rotation 
12.6 mm 1250 1600 1470 1600 
1 full rotation 6.3mm 500 850 720 850 
Original Installed 
Position 
0mm -220 570 440 570 
Loose  -350 0 -130 0 
 
The results presented in Table 4.10 showed that a U-head which is not at its 
correct height will either have a reduced or increased load depending on whether 
it has been installed higher or lower than the surrounding U-heads, respectively. It 
can be seen that one full 360 degree revolution produces 6.3mm of height change 
and generates 850kg (8kN) of force, or 280kg (2.5kN) more than its original 
installation load. Moreover, two full rotations of 720 degrees produce 12.6mm of 
height change and 1600 kg (15kN) of force, or 1030kg (10kN) more than their 
original installation load.  
 
 
Chapter 4 – Shore Load Survey 
    _______________________________________________________________ 
112 
4.8.1 Peak Live Loads 
Peak live loads (maximum recorded load less surveyed dead load) were known to 
occur at two periods of time in construction Stage II, during the concrete pour 
when impact loads and workmen were involved, or during power trowelling. 
These two scenarios and the positions where they occur in the load-time 
histogram can be seen in Figure 4.3. 
Approximately half of all the load cells experienced peak live loads during power 
trowelling (3 to 5 hours after pouring). During this time the concrete will not have 
gained enough strength to be self supporting and is therefore at risk of collapse. 
These peak live loads were therefore considered in the statistical investigation. 
The remaining peak live loads results were experienced when a team of concrete 
workers (up to sixteen in some cases) and equipment were pouring the concrete. 
Peak live loads also occurred in load cells twenty-four hours after the pour. These 
loads where characterised by upward spikes in the majority of load cells and it is 
known that these were due to stacked materials such as pallets of scaffolding 
components for an adjacent pour which weighed approximately 0.5kPa. Each load 
cell spike was approximately 200kg per 3.4sqm. However, as noted previously, 
the stacking of materials was a Stage III effect and these results were not 
considered in the statistical results of this thesis but should be considered in future 
research. More information on the effects of stacked materials is described in 
Appendix 3. 
 
4.8.2 Effect of Temperature fluctuations 
Large daily fluctuations in temperature were noted during experimentation. The 
temperature differential between cool nights and warm days were known to effect 
the results in two ways. The first was effecting testing equipment, particularly the 
load cells. As such, a parametric analysis was performed to investigate the effect 
of temperature fluctuations on all testing equipment (see below Figure 4.25: 
Effect of Temperature Fluctuations on Load Cells). The results showed that the 
temperature fluctuations were within acceptable limits and were consistent with 
the accuracy of the load cells so no correction factor to the data due to 
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temperature drift in load cells was required. More information on this test is in 
Section 4.8.3.  
The second way temperature fluctuations effected the results was via differential 
temperature dependant elastic shortening between wide concrete columns and 
narrow steel scaffolding tubes. The experimental data indicated a notable and 
distinct drop off in load for cells adjacent to concrete columns (even when 
columns were poured at the same time as the slab), for example site 1 
investigation 2 data showed a distinct drop off in load for cells adjacent to the 
columns: LC 17, LC 18, LC 19 and LC 20, and the occurrence was noted in LC11 
and LC12 in Site 1, Investigation 1, which were positioned adjacent to a concrete 
column. To the best knowledge of the author, it was assumed that the skinny steel 
shores would elastically shorten as temperatures dropped and more load would be 
traceable back to the large concrete column which was not affected as adversely 
by reducing temperatures. The effect of temperature fluctuations were 
incorporated in the data but did not affect the dead and live load statistics because 
these segments of data were taken 4-5 hours after the pour. 
 
4.8.3 Effect of Ambient Temperature Changes and Load Cell 
Drift 
After the Site 1 Investigation 1 there were obvious daily fluctuations in 
temperature which may have affected the results. An analysis of the experimental 
data indicated a distinct daily, cyclical fluctuation in load readings across all 
twenty load cells. It was hypothesised that this was a result of temperature 
fluctuations during testing so a parametric investigation was conducted to 
determine if changes in ambient temperature would adversely affect the results. In 
this investigation, one load cell and one temperature recording device were 
positioned in an exposed and external location which simulated on-site conditions. 
These were named Load Cell 1 (LC1) and Temperature Logger 1 (TL1). A second 
load cell (LC2) and temperature recording device (TL2) were positioned in a 
controlled and indoor location as a comparison. Both load cells had an equal load 
of 2000 kg applied, although Figure 4.25 shows a baseline of 0 kg at time zero 
(this was due to zeroing the load cell). This weight of 2000kg simulated average 
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loading conditions which load cells were typically subjected to on site. The results 
of this investigation are shown in Figure 4.25.  
 
Figure 4.25: Effect of Temperature Fluctuations on Load Cells 
 
As Figure 4.25 shows, there were notable temperature correlated cyclical 
fluctuations in the recorded load, indeed a comparison of LC1, TL1 and LC2, TL2 
revealed that the load cell exposed to a higher degree of temperature fluctuation 
recorded a higher load fluctuation. That is, the external TL1 had a notably larger 
temperature fluctuation which correlates directly with the positive and negative 
gradient changes in LC1. The same was also true with LC2 and TL2 but to a 
lesser extent, thus reflecting the control or lower level of temperature fluctuation 
recorded in the indoor (controlled) environment.  
However, at the key data points recorded during site investigations (that is, at 
peak dead and live loads), there was no significant change in ambient temperature 
from the beginning of data sampling, and since the load cells were under the slab, 
they were essentially insulated from major temperature fluctuations portrayed in 
LC1 so the author did not incorporate any correction factors to the data for 
temperature fluctuations.   
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It was also evident that there was a slight downward drift over the full data sample 
in both load cells, which were more pronounced in LC1 than LC2. The total drift 
over the five days of recorded data appears quite substantial in the graph, but over 
the full five days LC2 incurred 4% actual load drift (based on applied load). 
Furthermore, for the range of data being recorded on site and used for analysis 
(generally 6 hours maximum) there was much less drift in the recorded load value. 
In fact, for a 6 hour period it calculated as 0.5% for LC2 and 1.5% for LC1. This 
was deemed to be within acceptable limits and be consistent with the accuracy of 
the load cells. As such, the author did not incorporate a correction in the data due 
to temperature drift in the load cells.  
 
4.8.4 Long Term Load Data 
Important long term load data was derived during investigations which could be 
used for future analysis. Two examples of long term load-time histogram data can 
be seen in Figure 4.26 (a) and (b) and a 13 day data sample was taken at Site 2, 
Investigation 2 (Figure 4.27). It was noted in this data and observed by the author, 
that there were several cases of increasing load in vertical shores due to materials 
being stacked less than twenty four hours after concrete had been poured, and 
while in some cases the peak load recorded in load cells occurred at this time, this 
was not within the scope of the investigation because it occurred during Stage III 
of construction, when concrete arguably has enough strength to be self supporting. 
Furthermore, during Stage III, the Australian Standards (AS3610, 1995) have an 
additional allowance in live load for this stacked material load.  
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Figure 4.26: Long Term load-time histogram data. (a) Site 1, Investigation 4 (b) Site 3, 
Investigation 4 
 
The 13 day data sample shown in Figure 4.27 shows a noticeable downward drift 
in all loads, which may be the result of the concrete increasing in strength during 
this period. In fact, LC19 recorded a load reduction from post pour dead load of 
1800kg to a 13 day dead load of approximately 1200kgs. 
 
Figure 4.27: : Load-Time Histogram for all Load cells Site 2, Investigation 2. 
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4.9 Probabilistic Models for Shore Loads 
 
The full set of dead and live load statistics can be seen in Table 4.11.  
Table 4.11: All Results for the Ten Site Investigations- Relative Dead and Live Loads. 
Site 
Investigation 
Relative Dead Load Relative Live Load 
Mean 
Standard 
Deviation COV mean 
Standard 
Deviation COV 
S1P1 1.080 0.339 0.314 1.028 0.346 0.337 
S1P2 1.038 0.341 0.328 0.753 0.201 0.267 
S1P3 1.181 0.351 0.297 0.645 0.257 0.399 
S1P4 0.986 0.231 0.234 0.596 0.291 0.488 
S2P1 1.008 0.307 0.305 1.217 0.764 0.627 
S2P2 1.003 0.254 0.253 0.881 0.217 0.246 
S3P1 1.036 0.181 0.175 0.832 0.084 0.101 
S3P2 1.039 0.260 0.250 0.684 0.246 0.359 
S3P3 1.044 0.104 0.099 0.767 0.326 0.450 
S3P4 1.080 0.358 0.332 0.775 0.387 0.540 
AVG 1.050 0.273 0.259 0.818 0.312 0.381 
 
Table 4.11 indicates there was no trend in relative dead or live load at a particular 
site investigation, and it also suggests there was a significant variation in 
statistical shore load data for both dead and live loads, with an average COV of 
0.26 and 0.38, respectively. These COV results are typically higher than those of 
previous researchers (Chapter 3) which is assumed to be due to flaws in erecting 
the formwork system, such as discrepancy in the jack height. This effect is 
discussed above and in Appendix 6 - Formwork Construction Sequence Section. 
The author recommends that new construction load statistics be adopted, using the 
results of this statistical investigation, to the values suggested in Table 4.12. The 
mean-to-nominal relative dead load of 1.05 has not changed significantly from 
previous construction dead load research, but being shore load specific, the dead 
load COV for individuals shores is now known to be higher. The author of this 
thesis would argue that the dead load COV would be more accurate as 0.3, as seen 
in Table 4.13. 
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The live load statistical results are an important contribution to the academic 
community due to the lack of statistical data for construction live loads. Previous 
studies suggested a Type I extreme distribution with a mean to nominal ratio of 
0.9 and a COV of 0.6 based on a design live load of 1.0 kPa for the phase of 
concrete placement, but the statistical results of this investigation suggested lower 
values. In fact the mean relative live load was determined to be 0.818 with a Type 
I extreme distribution and a COV = 0.381, as seen in Table 4.12. However, 
although the research suggested that a COV for live load of 0.4 is more 
applicable, it was conservatively decided to use the currently accepted COV for a 
live load of 0.6. The mean to nominal live load ratio   ̅      was also 
conservatively rounded to be 0.85 for probabilistic analysis. Furthermore, a Type I 
extreme distribution was selected 1) as it was also a good fit based on results from 
occupancy live load statistics and 2) a goodness of fit test was conducted to rank 
each of the different statistical distributions. Five probability distribution 
functions were compared including the normal, lognormal, Type I extreme, Beta 
and Weibull distributions to determine which model best fitted the strength 
distribution of these scaffold systems. The results of this goodness of fit test 
determined that both a Type I extreme and a lognormal distribution could be 
utilised. A Type I extreme distribution was therefore used for live load 
distribution during probabilistic analysis.” 
 
It must be noted that   ̅     depends on the applicable design live load, and this 
value may vary considerably for different international design standards. For 
example, the American Concrete Institute (ACI 347, 2004) specifies a design live 
load of 2.4 kPa (50 p.s.f) for all construction stages while the Australian Standard 
for Formwork (AS3610, 1995) specifies design live load of 1.0 kPa for the phase 
of concrete placement. These results could be compared and contrasted to the 
requirements of other international codes for future investigations, but this is 
outside the scope of this research. 
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Table 4.12: Previous vs Suggested Shore Dead and Live load Statistics 
Load 
 
Mean-to-nominal 
value 
 ̅    
Coefficient of 
variation 
COV 
Probability 
distribution 
 OLD NEW OLD NEW  
Dead 1.0 1.05 0.1 0.259 Normal 
Live 0.9 0.818 0.6 0.381 Type I extreme value 
 
Based on the results of the site surveys documented above as well as the findings 
from previous researchers that were disclosed in Chapter 3, the following statistics 
(Table 4.13) are proposed for use in probabilistic modelling (Chapter 7 and 8).  
 
Table 4.13 Adopted Dead and Live load Statistics 
Load 
 
Mean-to-nominal 
value 
 ̅    
Coefficient of 
variation 
COV 
Probability 
distribution 
Dead 1.05 0.3 Normal 
Live 0.85 0.6 Type I extreme value 
 
A more accurate live-to-dead load ratio during concrete placement was 
determined from the survey data. The results indicate that the live-to-dead load 
ratio during Stage II was dominated by the dead load of concrete and Table 4.14 
shows that the average nominal live-to-dead (  /  ) ratio from ten site 
investigations was 0.184. For probabilistic analysis (Chapter 8) of scaffolding 
systems, this will be rounded to 0.2 because it is the most appropriate ratio to 
consider during the most critical stage of loading, that is, concrete pouring.  
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Table 4.14 Nominal Live-to-dead Load ratio for all site investigations 
 
 (  /  ) 
S1P1 0.224 
S1P2 0.144 
S1P3 0.199 
S1P4 0.139 
S2P1 0.196 
S2P2 0.237 
S3P1 0.180 
S3P2 0.166 
S3P3 0.182 
S3P4 0.170 
AVG 0.184 
 
The maximum or peak shore load results for each of the three site investigations 
can be seen in Table 4.7, Table 4.8 and Table 4.9. Low maximum shore loads 
were recorded during all ten site investigations. The average maximum shore load 
(dead plus live load) recorded in the four investigations at Site 1 was 18.74 kN, 
and with an individual maximum recorded shore load of 36.74 kN. Site 2 had 
lower maximum shore loads, with an average maximum of 27kN while Site 3 had 
an average maximum shore load of 19.27 kN and a high individual maximum 
recorded shore load of 32.96 kN.  
 
4.10 Conclusion 
 
This chapter presents the results of a one year shore load survey of construction 
live and dead loads that occurred on commercial construction sites in Sydney and 
thus provide a statistical basis for comparing surveyed and predicted loads. This 
chapter describes the equipment and experimental procedure used to acquire load 
data on construction sites. In total, ten pour areas were surveyed during the 
concrete casting and curing phases to obtain the loads transmitted to the support 
scaffolding. The surveyed dead and live loads were normalised by dividing the 
result by the tributary area so that the accuracy of current engineering practice in 
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the calculation of shore loads could be compared. The results show that the 
average relative dead load ratio (or the mean-to-nominal dead load ratio) across a 
surveyed pour area was close to 1.0. This result was common in all ten site 
investigations, and thus indicates the large variance (COV) between individual 
relative shore loads (both dead and live). This larger COV of relative dead load 
occurs since the shore load effect was being measured rather than the applied load 
(actual load on slab). 
The critical condition for this research was during concrete placement, that is, 
Stage II of (AS3610, 1995), where 74% of failures occur (Hadipriono, 1987). It 
was found that the live-to-dead load ratio    /    during this time was   /   
    which is an important result for the probabilistic investigations in Chapter 8. 
Additionally, a newfound understanding of the causes of variability in shore loads 
is expected to initiate safer and more reliable construction techniques in the 
erection of scaffolding, as described in Appendix 6. This investigation also 
contributes to the distinct lack of data available with respect to evolution and 
magnitude of construction loads, particularly construction live loads.  
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CHAPTER 5 – U-HEAD FORMWORK 
SUBASSEMBLY TESTS 
 
5.1 Introduction 
 
This chapter describes the specific features of U-head component testing at the 
Centre for Advanced Structural Engineering (CASE) at the University of Sydney 
and also outlines the setup, procedure, results and analysis for the U-head joint. 
The U-head was investigated to quantify its rotational stiffness in order to derive 
the moment-rotation response. The amount of rotation which could occur at the 
top of the scaffolding systems is a function of the interaction and resistance 
between the steel scaffolding U-head and the timber formwork. The U-head 
moment-rotation tests also considered how certain variables such as the moisture 
content, orientation of the U-head and the weight of concrete would affect this 
rotational stiffness.  
Moment-rotation characteristics were required to model the upper assembly of 
scaffolding systems because the stiffness of this top boundary condition has yet to 
be assessed. Research into the rotational stiffness of the top boundary condition 
for support scaffolding systems is limited, although some researchers have 
determined the top boundary conditions by calibration and engineering 
judgement. It has been argued that their results are highly idealised and therefore 
the following moment-rotation tests encompass the entire interaction between the 
scaffolding and timber formwork to simulate the realistic conditions expected on 
construction sites. Each test used real timber formwork and steel scaffolding 
components that were provided by the partner organisation (PO), Acrow 
Formwork and Scaffolding Pty Ltd. A pneumatic jack was used to apply an 
eccentric force to the U-heads and thus induce a moment. A secondary moment 
was developed in the U-head by the concrete blocks that were used to simulate the 
weight of a typical slab. The test utilised a prefabricated steel sub-frame to 
transfer equal loads from the pneumatic jack to four U-heads. 43 tests were 
carried out in a consistent and controlled manner, with the results contributing to 
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the scarcity of test data regarding the stiffness of the uppermost joint or top 
boundary condition. Note that the top rotational stiffness in the direction of the 
bearer was assumed to be rigid, corresponding to the negligible strong axis 
bending or load eccentricity occurring in this direction of the bearer. This 
assumption was also made by other authors (Zhang, 2012, Chandrangsu, 2009b). 
The experiments were conducted with the assistance of Mr Matthew Wells, an 
undergraduate research assistant.   
 
5.2 Background 
5.2.1 Scaffolding Systems  
As described in Chapter 2, the U-head connection is the highest steel component 
and is the link between the steel scaffolding system and the timber formwork. The 
U-head forms a “U” shape around the timber bearers, and has a threaded 
adjustable jack attached below it, which can be adjusted up to 600mm, as seen in 
Figure 5.1 and Figure 5.3. 
Figure 5.1: Typical Support Scaffold Assembly (1 x 1 Bay) 
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5.2.2 Previous Research of Simplified Boundary Conditions and 
Joint Modelling 
The boundary conditions at the top and bottom restraints are critical for finite 
element modelling. Yu (2004) investigated the boundary conditions of steel 
scaffolding systems and categorised them into four cases: Pinned-Fixed, Pinned-
Pinned, Free-Fixed and Free-Pinned, as Figure 5.2 shows. The first term 
represents translational restraint at the top (rotation was assumed to be free) and 
the second term represents rotational restraint at the bottom of steel scaffolding 
systems. Yu (2004) demonstrated that the failure loads in one-storey modular steel 
scaffolding systems were reasonably close to the test results for Free-Fixed and 
Pinned-Pinned boundary conditions, whilst the model results were considerably 
more than the test results for two-storey modular steel scaffolding systems. Yu 
(2004) therefore suggested that the boundary conditions at the top joint in 
scaffolds can be modelled as translational springs (since the top typically has a 
lateral restraint) and the bottom joint as rotational springs. After applying this 
boundary condition Yu (2004) found that a stiffness of 100 kNm/rad in the top 
springs and 100kNm/rad in the bottom springs could produce comparable model 
and test results.  
Figure 5.2: Boundary Conditions 
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Chu et al. (2001) investigated 2 Bay single storey scaffolds where the jack bases 
and loading beams were both restrained. All the connections were assumed to be 
rigid and the upper and lower sections of the scaffolding were altered in the model 
using various boundary conditions. Chu et al. (2001) found that Pinned-Pinned 
and Pinned-Fixed conditions gave higher load carrying capacities than 
experimental results, whilst Free-Fixed conditions produced satisfactory model 
results compared to the experimental tests.  
Vaux et al. (2002) derived two important findings which agreed with the 
experimental and numerical results. Firstly, that cuplok joints can be modelled as 
pin joints and secondly, the connection between the top and bottom jacks to 
standards can be modelled as rigid when the top and bottom boundary conditions 
are assumed to be Pinned-Pinned.  
Weesner and Jones (2001) found that a significant variability existed between the 
test values and modelling values, in a study of the load carrying capacity of three 
storey scaffolding systems. The model used rigid joints between each storey and 
pin joints for the top and bottom boundary conditions. The load carrying capacity 
of the elastic buckling analysis models were 6-17% larger than the test results, 
which revealed the significant variability existing between the analytical models 
and real life testing, as well as the necessity of modelling joints appropriately.  
Godley and Beale (2001) performed cantilever arm tests on larger access 
scaffolding systems, and although this thesis only considered support scaffolding, 
the results of their analysis are also relevant to this research. Their cantilever arm 
tests on wedge-type joints derived a nonlinear moment-rotation curve which 
showed an inherent joint looseness as well as different results for rotational 
stiffness in negative rotation (clockwise) and positive rotation (counter 
clockwise). Godley and Beale (2001) suggested using a multi-linear moment 
rotation curve to model scaffolding joints while earlier work Beale et al. (1996) 
investigated the effect of eccentricity in scaffolding connections. A 50mm 
eccentricity in the connection, equal to the amount of offset between the neutral 
axes in the actual connections, was used when modelling the joint and a finite 
spring with a specific rotational stiffness and axial stiffness was used to model the 
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connection. The investigations concluded that the joint eccentricity was 
insignificant for large frames unless torsional failure occurs.  
Various researchers have devised ways to model joints because studying the 
boundary conditions in scaffold systems is critical since the top and bottom 
restraints can influence the stability and strength of the systems (Yu, 2004). 
Furthermore, research by previous authors has revealed that the boundary 
conditions are highly idealised and partly based on engineering judgement. 
Furthermore, no research has been conducted on the Cuplok system used by the 
PO, Acrow Formwork and Scaffolding Pty Ltd to date, so the upper boundary 
condition was sought to be determined and is thus the focus of this chapter.  
 
5.2.3 Background for Experiment 
Previous investigations into scaffolding systems have shown that the top assembly 
of components is a critical element during failure (CASE, 2006), (Zhang, 2012, 
Chandrangsu, 2009b), and the rotational stiffness of the top boundary condition 
had been previously determined by calibration (CASE, 2006). This thesis seeks to 
quantify the true rotational stiffness for the top boundary condition using the 
experimental procedure described herein.  
From research into scaffolding collapse derived during the eighteen full scale tests 
(CASE, 2006), rotation of the U-head assembly was known to cause failure. 
Therefore this investigation focussed on the rotation of the U-head and the 
resistance that is provided to this rotation by interaction with the timber 
formwork. This experiment replicates site procedures where timber bearers, joists, 
and plywood are not connected by any mechanical method, they rely entirely on 
frictional resistance between the components. 
The first of eighteen full scale tests performed at the University of Sydney 
(CASE, 2006) were deemed to be a “non-result” due to the large rotations that 
occurred in the U-heads despite that these tests were not set up to measure the 
moment-rotational responses or the restraints of the system. Industry experts from 
the PO organisation, who oversaw the investigation, deemed that these excessive 
rotations would not occur in practice because the slab would be tied into the rest 
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of the structure. This was the best advice that could be found so other tests were 
restrained from rotating by a) timber blocks on either side of the timber bearer 
inside the U-head, and b) by several steel brackets that tied the timber bearers to a 
frame of timber joists. Both of these conditions ((a) and (b)) can be seen in Figure 
5.3. These two conditions were tested in the following investigation to examine 
what effect they would have had on the results. 
 
 
Figure 5.3: Rotation of U-head in full scale CASE experiments. Note timber blocks chocking bearer 
and steel bracket above.  
 
5.2.4 Advanced Analysis 
As described in Chapter 2, geometric and material nonlinear structural analysis 
(advanced analysis) has become possible in recent years with the advancement of 
computers and structural analysis software such as ABAQUS and Strand7. 
Nonlinear analysis is a more accurate tool to predict failure loads because it 
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includes the change of geometry in a structure that occurs due to loading as well 
as the inelastic behaviour of the materials. The results of this chapter are being 
utilised in a more accurate calibration of a number of advanced analysis models 
(Figure 5.4), which replicate eighteen full scale tests conducted at The University 
of Sydney (CASE, 2006). As noted earlier, calibrating these advanced analysis 
models was achieved by adjusting the top and bottom boundary conditions as well 
as the brace hook connection stiffness. However, by utilising the results of tests 
documented in this Chapter it is now possible to input an exact rotational stiffness 
value for the top boundary condition of each finite element model. 
 
                                
Figure 5.4: Advanced Analysis Finite Element Model calibrated to Full-scale Test #4 (CASE, 2006) 
 
5.2.5 Replicating Site Conditions 
The entire experiment was modelled on a full scale 1 x 1 bay grid of scaffolding. 
The square grid was 1.83m x 1.83m between U-heads, as seen in Figure 5.6. The 
experimental set up excluded all the components that would usually be found in 
support scaffolding below the U-head, and by isolating the U-head on a pin, zero 
moment was transferred through this point. This was an important parameter to 
derive the free body diagrams and moment-rotation calculations. To ensure that 
accurate and reliable results were achieved, the exact site conditions were 
replicated. Firstly, the looseness that occurs as a result of the two stub pins and 
grub pins that connect the U-head to the top plate of the top jack was replicated 
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and then incorporated by duplicating the exact connection between the U-head 
and plate, as seen in Figure 5.5. 
                                   
Figure 5.5: Experimental set-up showing stub pins and grub pins 
Secondly, the possible lateral rotation of the U-head during failure was also 
replicated since U-heads are typically rotated on site to fit tightly around the 
bearers. Thirdly, the possible fixity that occurs when a bearer is nailed to the U-
head was replicated, as would occasionally occur on site in the end span of the 
bearer.  
 
5.3 Experimental Procedure 
 
Prior to testing, ten linear variable displacement transducer (LVDT) devices, four 
load cells, and a hydraulic ram were calibrated to ensure accuracy. The main 
components of the experimental apparatus can be seen in Figure 5.6. A hydraulic 
jack with a customised extension exerted force via a loading frame to the four U-
head scaffolding components mounted on pivot plates that allowed rotation to 
occur at the joint. The test frame was connected to the floor of the testing 
laboratory and a safety frame was erected underneath the test frame to protect 
staff from falling concrete blocks. The loading frame was constructed from 
48.3mm CHS with a 4mm wall thickness. A custom channel section was welded 
between two of the parallel CHS sections to create a platform for the loading jack 
to apply vertical force. The hydraulic jack was positioned vertically and centrally 
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above the loading frame to ensure an equal distribution of load to all four U-
heads, as seen in Figure 5.6.  
 
 
Four 100kN load cells were mounted beneath the U-head’s to record the axial 
force being applied at each of the four locations. LVL (Laminated Veneer 
Lumber) timber bearers (3600mm long, 150mm high and 77mm wide) were 
placed across the U-heads in an East-West direction. They were centrally located 
in the U-head itself as well as centrally located between the U-heads along the 
length of the bearers. LVL timber joists (3600mm long, 95mm high and 65mm 
wide) were placed on top of the bearers in a North-South direction at 500mm 
centres, perpendicular to the bearers and centred between the U-heads. Joists were 
equally spaced to ensure an equal distribution of weight to the U-head 
components. A top layer of 17-10-7 F14 plywood sheets was then laid across all 
the joists, as seen in Figure 5.7. This 17mm thick plywood was not fastened to the 
joists below, it relied solely on friction between the materials and the sheer weight 
of concrete, as would occur on site. A 250 kN vertical hydraulic ram was 
connected to the test frame plate through a slot in the formwork ply. The 
hydraulic ram provided an even load to each of the four U-heads that formed one 
portion of the moment applied to each U-head.      
Figure 5.6: Basic Experimental Arrangement showing LVL timber bearers (no joists) 
Pneumatic 
jack and 
extension 
Safety 
Frame 
Loading 
Frame 
U-head 
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The U-head was isolated from transferring moment through a pin joint on the 
hydraulic ram and through a nylon slip joint where the load was to be applied. 
Pivot plates were used to simulate a pin joint at the base of the U-head so that 
moment-rotation values could be determined incrementally as force was applied 
by the hydraulic ram. The hydraulic ram was operated via a control box and had a 
maximum extension of 250mm. 
To measure the rotations in each U-head, eight 100mm displacement transducers 
were connected beneath a pivot plate at the base of the U-heads to record the 
average displacement over time. This displacement was then converted to an 
angular rotation during data synthesis. Two more transducers were used to 
measure the lateral displacement of the top plywood, which were then used to 
calculate the additional moment generated by the movement of the concrete 
blocks. 
To simulate the weight of concrete, concrete blocks were placed onto pre-marked 
zones on the ply board to ensure they were centrally located over each of the four 
U-heads. Safety chains were attached at all times to prevent any concrete blocks 
falling. As each test was conducted, the degree of rotation, induced load, and the 
type of failure was recorded via the vertical and horizontal displacement 
transducers, the hydraulic ram, the load cells and video records. 
Figure 5.7: Formwork erected on test frame 
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5.3.1 Experimental Summary  
The following documents a summary of the experimental procedure and apparatus 
used to conduct each test. More schematics of the apparatus can be seen in 
Appendix 8.  
1. Bolt the test frame to the strong floor. Position the vertical jacking frame 
centrally above the testing frame.  
2. Lay LVL timber bearers across the U-heads in an East-West direction; 
ensure they are centrally located in the U-head assembly and equidistant 
between the U-heads along the length of the bearer, see Figure 5.7. 
3. Lay LVL timber joists in a North-South direction at 500mm centres 
perpendicular to the bearers and centred between the U-heads. Lay the 17-
10-7 F14 plywood sheets across all joists. 
4. Crane on the required weight of concrete blocks, ensuring they are also 
centrally located over each of the four U-heads. Attach safety chains to 
prevent accidental movement of the concrete blocks during testing. 
5. Connect the vertical ram to the test frame through the slot provided in the 
formwork ply. Connect the hydraulic ram pressure controller and hoses. 
6. Connect the 8x100mm Displacement transducers (T1 – T8) beneath the 
pivot plate at the base of each U-head to record angular rotation of the 
plate over time. Connect the displacement transducer cables and the four 
load cell cables to the Data Acquisition System.  
7. Connect the 2 x 100mm Displacement Transducers (T9, T10) to the rear of 
the apparatus to measure horizontal displacement during testing.  
8. Zero all transducers and apply a jacking force with a displacement of 
2mm/min and measure the plate rotation over time. 
9. Repeat steps 1-8 for the six different test configurations.  
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Figure 5.8: Loading assembly showing lifting beams, hydraulic jack and safety frame (PLAN) 
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5.4 Configurations of Tested U-head Assembly 
 
In order to understand the effect of varying construction practices that occur on 
site, six different configurations of the U-head assembly were tested. These 
configurations are listed in the following results as ‘non rotated’, ‘rotated’, 
‘rotated & nailed’, ‘bolted’, ‘bolted & completely chocked’ and ‘wet & non-
rotated’. Four of these configurations are depicted in Figure 5.9. ‘Non-rotated’ 
refers to a condition whereby the U-head and bearer are parallel and centred. 
‘Rotated’ is where the U-head is rotated at forty-five degrees to ‘lock’ the bearer 
in place. ‘Rotated and nailed’ is essentially the same but two nails are used on the 
diagonal corners of the U-head to lock the bearer in place. This usually occurs at 
the end run of bearers. ‘Bolted’ was a test utilised to understand the effect of 
bolting the bearer to the joist with right angle steel brackets (Figure 5.3); this 
phenomenon had occurred in previous (CASE, 2006) tests. ‘Bolted & completely 
chocked’ was the same as bolted, but used timber ‘chocks’ to limit rotation of the 
U-head (seen also in Figure 5.3). ‘Wet & non-rotated’ investigated the effect of 
having a higher moisture content in the timber bearers, which was a possibility on 
typical construction sites. Each of these configurations aimed at identifying the 
results related to the way scaffolding was set up on site while assuming different 
construction practices. 
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Figure 5.9: Plan view of U-head Test Configurations 
 
5.5 Calculation of Moment-Rotation 
 
The following free body diagrams (FBD) (Figure 5.10 and Figure 5.11) describe 
how the moment rotation relationship was calculated. Rotation was determined 
over time using displacement transducers attached to the test rig. The moment was 
calculated as the sum of moments created by the hydraulic ram as well as the 
weight of concrete blocks. The moment generated by the concrete blocks 
increased over time as they were displaced laterally.  
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Figure 5.10: Initial Condition (t = 0) FBD 
 
     
 
Figure 5.11: Final Condition (t = n) FBD 
 
5.5.1 Moment-Rotation Relationship  
An internal moment acting at the interface between the U-head and the pivot was 
required to determine the correct moment-rotation relationship. Accordingly, the 
free body diagrams (FBD) that cut through this interface were analysed to 
calculate the moment-rotation relationship over time.  
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Figure 5.12: Reactions for Moment-Rotation Relationship Derivation (t = 0) 
 
 
 
Figure 5.13: Reactions for Moment-Rotation Relationship Derivation (t = n) 
The internal moment acting at the interface between the U-head and the pivot 
plate was calculated using the following equation: M = (         /4. The 
rotation component was calculated using the following equation:   = (    
       . where    is determined from (   ,      ) and    from (         . More 
information regarding the calculation of moment-rotation curves and the 
derivation of the above equations can be seen in Appendix 10.  
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5.6 Test Results 
5.6.1 Observations 
The tests performed at The University of Sydney Structures Laboratory measured 
the moment-rotation characteristics of the U-heads. 43 tests were performed with 
six different U-head configurations deemed to be common on site. The results 
showed a distinct relationship between the moment-rotation and axial load. The 
moment-rotation (M vs.  ) relationship was then plotted for each test and the 
results are shown in Figure 5.15 to Figure 5.23. More information regarding each 
test, including observations and photographic evidence, can be seen in the 
Appendix 9.  
A clear and distinct pattern of failure occurred during the lead up to failure; as the 
eccentricity of the load gradually increased the ability of the bearers to keep the 
weight from becoming eccentric decreased to a point of instability. This occurred 
after the concrete blocks had moved past the point of stability (Figure 5.14 (b)) 
and p-delta effects became dominant. This destabilised the main LVL timber 
bearer and consequently the weight of the concrete could no longer be resisted. 
This was confirmed through an analysis of the experimental data, which showed a 
point of instability (Figure 5.14 (c)). The load generated by the hydraulic ram 
caused a linear increase in the load recorded by the load cells and this was 
combined with a secondary application of load from concrete blocks that became 
more and more eccentric as rotation continued.  
 
 
Figure 5.14: Sequence of Failure and Point of Destabilisation (a) Start position (b) Stable (c) Unstable  
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5.6.2 All Graphical Test Results 
Note: See Appendix 7 for all the moment-rotation curves of all tests.  
 
 
 
 
 
Figure 5.16: Moment Rotation for 250kg Tests 
Figure 5.15: Moment Rotation curves for all Tests 
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Figure 5.17: Moment Rotation for 750kg Tests 
Figure 5.18: Moment Rotation for 1000kg Tests 
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Figure 5.19: Moment Rotation for 1200kg Tests 
Figure 5.20: Moment Rotation for 2400kg Tests 
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Figure 5.21: Moment Rotation for 2700kg Tests 
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5.6.3 Stiffness Values 
The rotational stiffness value K (kN cm/rad) for each test are presented in Table 
5.1. The stiffness was essentially linearly proportional to the concrete mass, as 
seen in Figure 5.15 to Figure 5.23, and since this relationship was required for 
finite element modelling, the stiffness’ at certain axial loads was calculated using 
the gradient (rise/run) of the moment-rotation curve. Table 5.1 describes the 
results of all 43 tests including the test configuration, mass of concrete applied to 
each U-head, maximum moment, maximum rotation and rotational stiffness (K). 
Table 5.1: Stiffness Values for each Test 
Parameters and Stiffness Values for Each Test 
Test 
Number Specific Test 
Concrete 
Mass (kg) 
Max 
Moment 
(kNm) 
Max 
Rotation 
( ) 
K (kN 
cm/rad) 
Test 01 Non-rotated 250 1.248 0.349 357.464 
Test 02 Non-rotated 250 1.327 0.390 340.137 
Test 03 Non-rotated 250 0.173 0.029 592.772 
Test 04 Non-rotated 250 1.302 0.362 359.373 
Test 19 Rotated & Nailed 250 1.358 0.427 317.613 
Test 37 Bolted & Chocked 250 0.420 0.153 274.847 
Test 38 Bolted & Chocked 250 0.478 0.164 292.027 
Test 05 Non-rotated 750 2.487 0.431 577.160 
Test 06 Non-rotated 750 2.512 0.439 572.293 
Test 07 Non-rotated 750 2.391 0.388 616.667 
Test 08 Non-rotated 750 2.614 0.433 603.499 
Test 17 Rotated & Nailed 750 2.444 0.397 615.491 
Test 18 Rotated & Nailed 750 2.632 0.451 583.177 
Test 39 Bolted & Chocked 750 0.759 0.091 830.563 
Test 40 Bolted & Chocked 750 0.885 0.108 820.112 
Test 09 Non-rotated 1000 3.192 0.469 680.263 
Test 10 Non-rotated 1000 3.055 0.400 764.640 
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Continued 
Test 
Number Specific Test 
Concrete 
Mass (kg) 
Max 
Moment 
(kNm) 
Max 
Rotation 
( ) 
K (kN 
cm/rad) 
Test 11 Non-rotated 1000 3.226 0.439 735.065 
Test 12 Non-rotated 1000 3.109 0.441 704.698 
Test 13 Rotated 1000 3.237 0.460 703.195 
Test 14 Rotated 1000 3.259 0.447 729.264 
Test 15 Rotated & Nailed 1000 3.398 0.470 722.498 
Test 16 Rotated & Nailed 1000 3.167 0.411 770.036 
Test 41 Bolted & Chocked 1000 0.920 0.100 923.351 
Test 42 Bolted & Chocked 1000 0.620 0.082 758.806 
Test 23 Rotated & Nailed 1200 3.306 0.440 751.197 
Test 24 Rotated & Nailed 1200 3.157 0.421 750.640 
Test 31 Wet & Non-rotated 1200 3.168 0.445 712.553 
Test 32 Wet & Non-rotated 1200 3.353 0.465 721.382 
Test 35 Bolted 1200 3.232 0.456 708.923 
Test 36 Bolted 1200 3.178 0.476 667.970 
Test 20 Rotated & Nailed 2400 1.326 0.390 340.019 
Test 21 Rotated & Nailed 2400 6.045 0.455 1329.311 
Test 22 Rotated & Nailed 2400 6.209 0.463 1342.277 
Test 27 Non-rotated 2400 6.196 0.472 1311.437 
Test 28 Non-rotated 2400 5.895 0.441 1336.261 
Test 29 Wet & Non-rotated 2400 6.031 0.439 1373.987 
Test 30 Wet & Non-rotated 2400 6.355 0.477 1332.511 
Test 33 Bolted 2400 6.311 0.479 1317.283 
Test 34 Bolted 2400 6.114 0.491 1245.150 
Test 43 Bolted & Chocked 2400 5.527 0.459 1203.702 
Test 25 Rotated & Nailed 2700 7.476 0.483 1546.327 
Test 26 Rotated & Nailed 2700 7.386 0.476 1552.298 
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Test 03 and Test 20 were excluded from results because they were inappropriate 
tests. These tests were known and observed to have an initial eccentric load due to 
concrete blocks being placed incorrectly prior to testing. This resulted in an initial 
moment in the U-head that could not be calculated. Table 5.1 lists the mass of 
concrete applied to each individual U-head. This mass can also be converted into 
an equivalent slab thickness by the following calculation, based on the loaded 
area, and the results can be seen in Table 5.2. 
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Note: density of concrete and reinforcement = 2400 kg/m
3
 and the tributary area 
of slab = 3.349 m
2
 (1830mm x 1830mm). The results of the tests were then 
averaged across each applied mass category (that is, 250 kg, 750 kg et cetera) and 
the average stiffness calculations can be seen in Table 5.2. The results of Table 
5.2 were then graphed to present the moment-rotation relationship for the top 
boundary condition or U-head, as seen in Figure 5.22. 
 
Table 5.2: Average Stiffness Coefficients (K) for particular mass 
Average Stiffness vs Applied Mass 
Mass 
(kg) 
# of 
Tests 
Equiv. 
Slab Thk 
(mm) 
Average 
Moment 
(kNm) 
Average 
Rotation 
( ) 
Average 
K (kN 
cm/rad) STD COV 
250 7 31 0.901 0.268 277.352 34.956 0.126 
750 8 93 2.091 0.342 652.370 108.08 0.166 
1000 10 124 3.398 0.465 749.182 67.703 0.090 
1200 6 149 3.232 0.450 718.777 30.952 0.043 
2400 10 299 5.601 0.457 1179.192 52.755 0.045 
2700 2 336 7.431 0.480 1549.312 4.223 0.003 
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Figure 5.22 Moment-Rotation Relationship for Top Boundary Condition 
 
Table 5.2 and Figure 5.23 show that a linear relationship exists between the 
applied load and the stiffness of the U-head connection. Table 5.2 shows that as 
the axial load increased so does the average stiffness. At an axial load of 250kg 
(2.5kN approx.) the average rotational stiffness of seven tests was 277 kN cm/rad. 
Whereas at an axial load of 2700kg (27kN approx.) the average rotational 
stiffness of two tests was 1550 kN cm/rad (Table 5.2). This relationship was 
plotted (Figure 5.23) from 43 tests and the trend-line indicates a linear 
relationship between stiffness and load:  
                      (5.1) 
where y is the rotational stiffness (kN cm/rad) and x is the applied axial load (kN). 
This equation represents the moment-rotation relationship at a particular applied 
load. By using the rationale of Equation (5.1), the top rotational stiffness for the 
U-head at a 25kN applied load would have a stiffness of              . The 
following Table 5.3 presents the average stiffness results recorded for the ten 
2400kg tests at each type of test configuration.  
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Table 5.3: Average Stiffness per Test Configuration 
Average Stiffness Per Test Configuration 
Test 
Configuration Tests 
Average 
Moment 
(kNm) 
Average 
Rotation 
(   
Average K 
(kN cm/rad) 
Non-rotated 2400kgs 6.046 0.457 1323.849 
Rotated 2400kgs na na na 
Rotated & Nailed 2400kgs 6.127 0.459 1335.794 
Wet & Non-rotated 2400kgs 6.193 0.458 1353.249 
Bolted 2400kgs 6.213 0.485 1281.217 
Bolted & Chocked 2400kgs 5.527 0.459 1203.702 
 
 
 
Table 5.3 shows there was an insignificant variation of stiffness between all the 
test configurations which means that the style of U-head configuration (rotated, 
wet, bolted et cetera) does not significantly affect the stiffness model, rather the 
proportion of axial load alters the stiffness co-efficient (K) for finite element 
modelling purposes. 
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Figure 5.23: Stiffness vs Mass Relationship 
The test rig could not test loads over 2700kgs (27kN approx.) due to safety 
concerns and the failure of testing components. However, the applied loads in 
previous full scale tests (CASE, 2006) were upwards of 10,000kgs (100 kN 
approx.). The linear relationship between stiffness and load (Figure 5.23) and the 
stiffness equation could potentially be extrapolated to these ultimate loads. This 
extrapolation will be discussed in Section 5.7.1.  
 
5.7 Discussion 
 
The results of joint stiffness tests provided real rotational stiffness results for the 
top boundary condition of scaffolding systems. The most critical finding was that 
stiffness is linearly proportional to the amount of load applied (axial load) to the 
U-head. It is clear from Table 5.2 and Figure 5.23 that a linear relationship exists 
between the applied load and the stiffness of the U-head connection. This 
relationship from the 43 tests was plotted and the trend line indicated the linear 
relationship in Equation (5.1) (                ) where y is the rotational 
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stiffness (kN cm/rad) and x is the applied axial load (kN). This phenomenon was 
expected because an increasing load would increase the frictional resistance 
between the timber bearers, joists, and plywood, and a higher frictional resistance 
would therefore result in greater stiffness at the joint.  
Other critical findings from the experiment related to the results attained from the 
six different test configurations. Table 5.3 shows there was no major change in 
stiffness between all six types of configurations tested: a) wet & non-rotated, b) 
non-rotated, c) rotated, d) rotated and nailed, e) bolted, f) bolted and chocked. The 
only significant change in stiffness was associated with the amount of load on the 
system, as discussed previously. The wet & non-rotated results revealed that the 
stiffness values were essentially unaffected by the moisture content ratios in the 
timber bearers and joists after spending one week submerged in water (rarely, but 
it possibly could occur on site). The results of Tests 29, 30, 31, and 32 confirmed 
that timber LVL bearers and joists with up to 30% moisture content ratio, did not 
affect the overall stiffness or moment-rotation curves of the tests. This 
phenomenon could be attributed to the durability and superior structural capacity 
of the LVL timbers. 
During non-rotated tests the bearer would follow the same angular rotation as the 
base of the U-head and failure would occur once it reached the point of 
destabilisation (Figure 5.14). During the rotated tests the U-head would slowly 
twist back forty five degrees and become a non-rotated U-head as the test 
continued and then it would fail in a similar manner to the non-rotated tests. This 
experiment also investigated whether nailing each corner of a rotated U-head to 
the LVL bearer would increase the resistance or stiffness of the system, but the 
results of the rotated & nailed tests showed that the failure mode was similar to 
the above two tests in that the bearer rotated with the U-head plate until the point 
of destabilisation (see Figure 5.14). The nails did not appear to prevent the bearer 
from lifting from the plate, so their use on-site was considered limited to ensuring 
that the bearer was centred in the U-head (concentric loading), rather than 
stopping any rotation. The slight difference in failure mode for the rotated & 
nailed tests had no effect on the calculated stiffness for this type of U-head 
assembly. 
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The failure mode in the bolted and chocked tests was different to every other 
type of tests because a steel angle bracket and timber ‘chock’ limited the rotation 
of the main LVL bearers. These 16 mm angle brackets were bolted to the bearer 
and joist to duplicate the experimental work performed as part of the eighteen full 
scale tests (CASE, 2006), seen in Figure 5.3. Timber blocks were placed on both 
sides of the bearer to stop it from rotating. The photographic evidence (see 
Appendix 9) and the video footage showed that although providing resistance to 
the load above, the moment resisting capacity was to the same extent as the other 
tests. These results also showed that regardless of the level of fixity or chocking 
between the main LVL and the U-head, it is the mass of concrete that governs 
rotational stiffness, arguably due to the magnitude of moment generated by the 
weight of concrete blocks versus the resistance capacity of a steel bracket with 
such a small lever arm. This occurrence was intuitive after observing the test and 
the vulnerability of the U-head and formwork under high loads. Analytically, this 
was evident in the similar rotational stiffness’s across all test configurations in the 
same concrete weight class (i.e. 250kg, 750kg et cetera), as seen in Table 5.3. It 
was evident during testing that time to failure varied with the applied load. That 
is, failure at 250kg occurred quickly whereas failure at 2700kg took much longer. 
Furthermore, as the load and eccentricity of load above each U-head increased, 
the quicker the U-heads began rotating to failure.  
 
5.7.1 Upper Limit on Load-Stiffness Curve (capping stiffness)  
Data was obtained for loads up to 2700kgs (as seen in Chapter 4) that are typically 
experienced in construction. It would have been ideal to achieve experimental 
results with higher loads since the full scale test results (CASE, 2006) had 
ultimate failure loads in the range of 50 to 170 kN (5000 – 17000kgs), however 
the test rig could not test higher loads due to safety concerns and the failure of 
testing components. For these reasons some assumptions about the continuity of 
the linear relationship between axial load in the standards and the stiffness of the 
top boundary condition were made. The moment-rotation relationship (   
              ) was used to calculate stiffness for loads greater than 27 kN. 
However, this linear relationship could not continue indefinitely because only 
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minor additional strength is gained by increasing the stiffness values (described 
below and demonstrated in Figure 5.24 and Figure 5.24). Also, the test data to 
support the assumption of increasing stiffness with increasing applied load was 
not available so it was conservatively assumed there is a limit to the top rotational 
stiffness in the x-direction (also known as the ‘nodal capping stiffness’). The 
author made a conservative assumption for a capping top rotational stiffness in the 
x-direction,                  based on a number of key factors: (1) It is 
within the bounds of the values suggested in current literature, notably (Peng, 
2009) and (Chandrangsu, 2010) who calculated top rotational stiffness’s of 
                    and                  , respectively. (2) It 
provides the best approximation of ultimate system strength in a calibration 
exercise between full scale tests results (CASE, 2006) and finite element models, 
as seen in Table 5.4. (3) It was established in a parametric investigation into the 
effects of stiffness on the FE models that there is very little gain in ultimate 
strength above 4000 kN cm/rad, as seen in Figure 5.24. (4) It is argued that 
stiffness values below 2000 kN cm/rad are too conservative because a parametric 
investigation with zero top rotational stiffness (               achieved 
strengths over and above 40kN for all eighteen calibrated finite element models, 
as seen in Table 5.5. Using the known moment-rotation Equation (5.1) this 
corresponds to a rotational stiffness of              . 
The author therefore considers that a conservative assumption for the top 
rotational stiffness in the x-direction(    would be                 . As 
stated, this capping stiffness gives the most accurate agreement between the 
eighteen full scale tests (CASE, 2006) and their corresponding calibrated models. 
The results of this analysis are in Table 5.4 and show that on average the finite 
element analysis models predicted the full scale test failure loads within 1.49%. 
The large standard deviation is common for these models and has been noted by 
other researchers (Chandrangsu, 2010); it results from the difficulty in perfectly 
modelling and calibrating the many types of uncertainties factored into the finite 
element models.  
As a result of these assumption the stiffness for all subsequent tests will be equal 
to                  up until the capping stiffness value (    
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             ), noted by the extent of the red line in Figure 5.25. This capping 
stiffness is conservative and it also achieves project outcomes to develop a finite 
element model with low computational requirement (refer to Chapter 6 – 
Simplified Top Boundary Condition) and which is universally applicable across a 
number of models.  
 
Table 5.4: Calibration of Finite Element models to Full-scale tests (based on                 ) 
Test 
Number 
Full-Scale 
Test failure 
load (kN) 
Ultimate Load 
from advanced 
analysis (kN) 
Percentage 
difference (Test 
to FEA) 
2 89 94.2 5.84% 
3 91 86 -5.49% 
4 50 43.475 -13.05% 
5 60 58 -3.33% 
6 60 62 3.33% 
8 130 136 4.62% 
9 65 47.475 -26.96% 
10 70 64 -8.57% 
11 120 130.4 8.67% 
12 120 128 6.67% 
13 70 65 -7.14% 
14 160 154.6 -3.38% 
15 105 96 -8.57% 
16 100 94 -6.00% 
18 150 141 -6.00% 
  
AVG  -1.49% 
  
STD 6.32% 
  
COV -4.246 
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Figure 5.24: Ultimate Load Variance due to Top Rotational Stiffness Changes 
 
 
Figure 5.25: Stiffness Vs Axial Load in the top jack Relationship (U-head) 
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Table 5.5: Zero Top Rotational Stiffness (y-axis) Model 
Test 
Number 
Ultimate Load 
(kN) with Zero 
Top Stiffness % of Ultimate 
 
(kN) 
 2 66.0 66.80% 
3 62.2 67.61% 
4 40.1 92.23% 
5 48.0 80.00% 
6 53.6 79.00% 
8 95.1 69.18% 
9 45.0 94.80% 
10 60.25 91.29% 
11 93.65 72.04% 
12 93.4 69.37% 
13 60.7 100.00% 
14 117.7 75.74% 
15 86.85 83.58% 
16 68.2 65.58% 
18 94.25 66.61% 
AVERAGE 72.33 78% 
 
5.7.2 Guide for Design Engineers to apply Rotational Stiffness  
The process for design engineers is to use the top rotational capping stiffness 
(                ) in finite element (FE) models to determine the ultimate 
strength of a scaffolding system. If the ultimate strength is found to be less than 
60 kN (the axial load corresponding to the capping stiffness using Equation (5.1)), 
then the rotational stiffness (    must be revised to a lower value as per design 
Equation (5.1). Obviously, if the capping stiffness is used the FE model will 
provide conservative results for ultimate strengths above 60kN. However, this is 
the conservative design methodology that the author of this thesis advises.  
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It may be argued that this value is overly conservative and that additional system 
strength could be derived from the scaffold system if one were to adopt an 
‘uncapped’ top rotational stiffness that correlates with the moment-rotation 
equation. As such, there may be the ability for the design engineer to gain a 
marginal increase in strength by increasing the rotational stiffness. For example, 
in the FE model for Test 8, an ultimate strength capacity of 134 kN was achieved 
at the cap stiffness. However, by extrapolating the linear relationship determined 
in Equation (5.1) and implementing the uncapped stiffness value (    
       (                           ), the ultimate strength increased 
to 149kN. This represents an additional 10% of ultimate strength gain for Test 8, 
which could be utilised for design purposes, however, since the moment-rotation 
test data for such high loads is not available, this procedure is not recommended. 
A parametric investigation was undertaken to examine the effect of top rotational 
stiffness in the calibrated full scale test models (CASE, 2006). This investigation 
showed that only marginal gains in strength were achievable for models with 
ultimate strengths greater than 60kN, as shown in Figure 5.24. As such, this thesis 
recommends that the capped stiffness value be adopted since it is a conservative 
assumption and most finite element models have ultimate strengths greater than 
60kN.  
For the purposes of finite element modelling a more accurate method exists for 
design engineers; to apply a constantly increasing top rotational stiffness (true 
stiffness) as the load increases in non-linear FE models. This relationship 
corresponds to the linear relationship calculated in Equation 5.1. Strand7 (2009) 
and most FE analysis programs only allow a pre-set value for top rotational 
stiffness to be used. However, as described in Chapter 6, the capping stiffness 
value yields comparable results to the ‘true stiffness’ with a much more simplified 
process and significantly less computational time. Therefore this thesis 
recommends that the fixed capping stiffness (                ) be adopted 
in design using FE models. Note that for models with ultimate loads less than 
60kN, the correct top rotational stiffness should be applied to the model using 
Equation (5.1). 
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5.8 Conclusion 
 
This chapter has described the details and specifications of scaffolding component 
testing on U-heads. The moment-rotation relationship and stiffness (K) values for 
the top boundary condition of scaffolding systems were determined. The 43 
moment-rotation tests encompassed the interaction between the scaffolding and 
timber formwork to simulate the realistic conditions expected on construction 
sites. It was determined that the moisture content, the U-head rotation and fixity 
only had a minor influence on the stiffness of the U-head. The most significant 
contributor to rotational stiffness was the applied load or axial load experienced 
by the U-head assembly such that the stiffness due to the interaction of timber 
formwork and the U-head depended on the applied axial load. Furthermore, the 
stiffness values at the loads typically experienced by vertical standards on site of 
2400kg to 2700kg, are 1200 kN cm/rad and 1550 kN cm/rad, respectively.  
Since the top boundary condition has a rotational stiffness linearly proportional to 
load it was assumed that after surpassing loads experienced on site by support 
scaffolding systems (27kN and above), the rotational stiffness would follow the 
linear relationship described in Equation (5.1) (                ). For this 
reason a conservative assumption for a capping top rotational stiffness in the x-
direction,                  was applied. This capping stiffness was 
conservative and also achieved project outcomes to develop a finite element 
model with low computational requirement that is universally applicable across a 
number of models. The simplified method (capping stiffness) will be compared 
with a more accurate method in Chapter 6. Based on the above parametric studies 
this thesis recommends that the capped stiffness value was a conservative estimate 
and will be used in all finite element models herein. In summary, the finite 
element model rotational stiffness’ for the top boundary condition are as follows: 
rigid in the x-direction, zero in the z-direction and equal to          (      
       to a maximum of 2900 kN cm/rad in the y-direction. The results of this 
investigation (a top boundary rotational stiffness parameter) ensure that this 
previously calibrated variable can now be applied directly to future finite element 
modelling of support scaffolding systems, as discussed in Chapter 6 and 7.  
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CHAPTER 6 – ADVANCED STRUCTURAL 
ANALYSIS MODELS OF STEEL SUPPORT 
SCAFFOLDING SYSTEMS 
 
6.1 Introduction  
 
The current practice of designing steel support scaffolding typically involves 
using the load capacity recommended by manufacturers based on load tests and 
then applying a safety factor based on engineering judgment (Zhang, 
Chandrangsu, & Rasmussen, 2009). However, current research is focussed on 
making these structures more reliable through rigorous probabilistic analysis. 
Recent research has therefore focused on analysing scaffolding systems through 
analytical computer modelling and experimental testing such that probabilistic 
design can be achieved. The latest advances in computer aided design and 
modelling coupled with the improvements in structural analysis software and 
advances in computing power has made the advanced analysis of scaffolding 
systems a cost effective reality. For example, research into linear buckling 
analysis (Lightfoot & Oliveto, 1977) (Gylltoft & Mroz, 1995), has been 
superseded by nonlinear structural analysis using finite element analysis (FEA) 
software, indeed the real behaviour of large scale steel structures can now be 
determined by modelling geometric nonlinearity (frame P-Δ and member P-δ 
second order effects), semi-rigid joint stiffness, initial geometric imperfections 
and residual stresses. This is known as “advanced analysis” (Chen, Goto, & Liew, 
1996) and it is used to predict the behaviour and ultimate load carrying capacity 
of structural systems. One of the first advanced analysis models for steel 
scaffolding structures was a three dimensional geometric nonlinear FEA model 
developed using ABAQUS software (Gylltoft & Mroz, 1995) and verified against 
the results of a full scale load test. Research regarding steel scaffolding systems 
has focused on elastic geometric nonlinear analysis incorporating geometric 
imperfections, in particular (Peng, Pan, Rosowsky, Yen, & Chan, 1996), 
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(Weesner & Jones, 2001), (Chu, Chan, & Chung, 2002), (Yu, Chung, & Wu, 
2004), (Parbhakaran & Godley, 2006), (Peng, 2007). 
 
6.1.1 Scope of Analysis 
The Australian steel design standard (AS4100, 1998) permits design by advanced 
analysis, which means it is now feasible to design new steel scaffold systems by 
advanced analysis using accurate finite element models. These models can be 
designed with a load and resistance factor design (LRFD) formula for checking 
the system’s capacity, substantially reducing the need for full scale load tests 
(Zhang, Chandrangsu, & Rasmussen, 2009). The following analysis only focusses 
on the gravity load combinations set out in the Australian Standard for scaffolding 
(AS3610, 1995), it does not include other combinations such as wind load or 
horizontal load. It was assumed that the top of the scaffold structures is fixed 
against translational displacement, such that the top node can only move 
vertically. This assumption parallels the requirements established by the PO, 
Acrow Formwork and Scaffolding Pty Ltd, who noted that these systems 
generally have this level of lateral fixity which is generated at the top nodes (U-
heads) that are restrained from lateral movement by permanent structures such as 
slabs, shear walls, lift cores and concrete columns.  
This chapter describes the calibration of inelastic finite element (advanced) 
analysis models to eighteen full scale tests (CASE, 2006). The process of 
advanced analysis utilising geometric and material nonlinear finite element 
models will be described in order to compare the ultimate loads and deflection 
responses with the results of full scale test.  
 
6.2 Previous Scaffold Finite Element (FE) Models 
 
6.2.1 Application of Load to FE Models 
Researchers first modelled the patterns, combinations, and sequences of loads for 
scaffolding systems in order to understand how load was transferred to the three 
dimensional scaffolding system below. Peng et al. (2003) investigated how 
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sequential loads compared to uniform loads in three different shaped scaffolds 
(that is, rectangular, U-shaped and L-shaped), and concluded that designers ‘can 
safely assume uniform loads in practical design of scaffolding systems’, even 
though the load is not uniform. As such, the calibration of FE models ignores any 
load patterns.  
 
6.2.2 Geometric Imperfections 
The slenderness of scaffolding systems makes them sensitive to their initial 
geometric imperfections that produce member P-δ and frame P-Δ effects (Figure 
6.1), which means they must be included in the finite element analysis model.  
 
Figure 6.1: P-δ and P-Δ effects 
A nonlinear analysis of beam elements renders the derivation of the correct 
deformed geometry vital during iterations of the finite element model, especially 
for slender structures such as scaffolding systems where it is critical that accurate 
displacements occur at each iteration of geometric nonlinear analysis. The 
deformed geometry is then used to calculate the equilibrium equation at each 
iteration, and the element’s local reference system is updated at each load 
increment to capture the load deflection characteristics.  
Previous researchers have utilised a variety of methods to incorporate geometric 
imperfections into models. One approach was to scale one or more critical elastic 
buckling modes and then apply the scaled displacements to the perfect geometry 
in the model, however, this method does not indicate how many buckling modes 
should be included and what scaling factors should be applied to each. A second 
Chapter 6 - Advanced Analysis Models 
    ________________________________________________________________ 
160 
approach to incorporating geometric imperfections was using the maximum 
allowable imperfection values from the relevant structural codes. For example, the 
Australian steel design standard (AS4100, 1998) specifies a maximum out-of-
straightness of L/1000, where L is the length of the member, but only 
conservative results for the strength of a system arise using this method. In a third 
approach, some researchers incorporated geometric imperfections by applying a 
notional horizontal force, even though its magnitude is often unknown. The 
method used in this thesis will be discussed below. 
 
6.2.3 Spigot Joint 
The Acrow Supercuplok System utilises spigot joints to connect vertical elements 
into any number of lifts. As described in Chapter 9 (Part B), the spigot joint 
consists of a steel insert made from a 300m long CHS (circular hollow section) 
tube with an outside diameter of 38.2 mm and a wall thickness of 3.2 mm. The 
insert is connected to the bottom standard by a pin (refer to Figure 6.2), and the 
spigots are inserted into slots in the base of the top standard, where they rely on 
gravity and a tight fit to resist axial forces and bending moments. The spigot joint 
is typically made at the centre of a lift and as such, it can be subject to a high 
bending moment. The spigot model suggested by Enright et al. (2000) will be 
discussed in the following section and utilised in calibration.  
 
                                  
Figure 6.2: Spigot Insert and Connection Schematic (Adopted from (Chandrangsu, 2006)) 
Top Standard 
Bottom Standard 
Spigot Insert 
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6.2.4 Semi-Rigid Standard-to-Ledger Connections 
A range of joints are used in the scaffolding industry to connect vertical standards 
and horizontal ledgers, which means the behaviour of each type of joint must be 
modelled to accurately predict the overall stability of the frame and the buckling 
capacity of standards. There are two common joints, wedge-type joints (Figure 
6.5), which are flexible and behave as pinned connections and cuplok joints 
(Figure 6.3) which behave as semi-rigid joints.  
Like standards and ledgers, cuplok joints are reused from job to job so their 
stiffness decreases over time as the locking mechanism wears. Previous 
researchers have investigated this wear in cuplok systems and their results showed 
that the joints were loose, and had low rotational stiffness at the beginning of 
loading due to a poor fit (Godley, et al., 1997), (Chandrangsu, et al., 2006), but 
once they locked into place under load, the joints became stiffer.  
 
 
Figure 6.3: Cuplok Joint Detail (Adopted from (Chandrangsu, 2010)) 
Top Cup 
Bottom Cup 
Standard 
Ledger 
Ledger Blade 
3 
1 
2 
Locking Pin 
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Figure 6.4: Wedge-type joint detail (Adopted from (Chandrangsu (2010)) 
 
Peng, et al. (2007) confirmed the inherent variation of joint stiffness in 3-storey, 
3-bay, 5-row, wedge-type jointed scaffolding, where variations between 4.90 
kNm/rad and 8.83 kNm/rad were observed in the tests and an average of 6.87 
kNm/rad was adopted as an acceptable stiffness. It was also noted by Godley and 
Beale (2001) that the stiffness of wedge -type joints differed under clockwise and 
anti-clockwise rotations, and occasionally had loose connections with low 
stiffness (Godley and Beale, 2001). Consequently, (Prabhakaran et al., 2006) 
modified the stiffness matrix for the end points of the beam to include the 
flexibility of the connection, using a piecewise linear curve to model the moment-
rotation response. Hence, extreme caution must be displayed when modelling 
connections within FE models to ensure they accurately represent full scale 
behaviour. 
Figure 6.5 illustrates the difference in moment-rotation curves for cuplok and 
wedge-type joints, as investigated by (Godley and Beale, 1997) and (Godley and 
Beale, 2001). The PO’s cuplok joint has a much higher moment capacity, which 
apart from being fast to install, is the main reason why these joints are preferred 
by scaffolding subcontractors. Indeed, numerous analytical models have been 
developed to replicate the moment-rotation behaviour of semi-rigid connections 
by (Chen, et al., 1996) and (Sukurai, et al., 2001).  
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6.2.5 Load Eccentricity 
An on site investigation (Chapter 4) determined that load eccentricity can occur in 
the top U-head connection as a result of a timber bearer being inserted 
eccentrically into the centre of the scaffold support, as seen in Figure 6.6. Load 
eccentricity occurs as a result of the U-head being wide enough (200mm) to 
incorporate two timber bearers side by side, so when a single bearer (75mm) is 
used it may not be centred above the scaffolding standard. Load eccentricity is 
known to affect the stability and strength of steel scaffolding and for the system 
being investigated, it was possible that a bearer could cause a load eccentricity of 
up to 55mm. However, the Australian Formwork standard (AS3610, 1995), limits 
the eccentricity of loading to bearer width/4, that is, 19mm for a typical LVL 
timber bearer. As such, for the purposes of Monte Carlo simulation (Chapter 7), 
the loading eccentricity will be limited to a maximum of 55mm. The statistical 
data and distribution of load eccentricity was determined from previously 
acquired survey data (Chandrangsu, 2009a). Site-measurements at four separate 
construction sites were collected and seventy-four recordings were compiled in 
the survey data (Chandrangsu, 2009a). The results of the survey, which were also 
used for the Monte Carlo simulations (Chapter 7), confirmed a mean value for 
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Figure 6.5: Moment-rotation curves for wedge-type vs. Cuplok joints (Godley and Beale, 2001) 
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load eccentricity of 18.10mm, a COV of 0.608, and a lognormal statistical 
distribution. This eccentricity is in agreement with the maximum value of 19mm 
suggested by the Australian Formwork Standard (AS3610, 1995).   
 
 
 
 
 
 
 
 
 
  
        ,           
Figure 6.6: Load Eccentricity in U-head Component  
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6.3 Calibration of Finite Element Models  
 
The finite element analysis (FEA) software package Strand7 (2009) was used to 
create a finite element model for each of the full-scale sub-assembly tests. 
Eighteen nonlinear, three dimensional finite element models were developed 
using the full-scale frame dimensions and imperfections values. The analysis 
commenced by calibrating the FEA model to full scale test models. This involved 
measuring and inputting the geometric and material properties, the connection 
properties, the load and base plate eccentricities, and the initial imperfections into 
the FEA models. The following sub-sections describe the main FEA parameters 
that were utilised to calibrate the advanced analysis model to the full scale test 
results (CASE, 2006). This calibration exercise was conducted for both the 
ultimate loads as well as displacement responses between the FE models and full 
scale tests (CASE, 2006). 
 
6.3.1 Yield Stress 
The material properties of steel, including the yield stress, vary during 
manufacture, and this variation in the yield stress affects the strength of the 
system. Yielding was captured using plastic zone analysis, which is a 
functionality of Strand7 (2009), while the stress-strain relationships were 
incorporated into the FE models based on Ramberg-Osgood expressions for each 
scaffolding component. These are described in Section 6.3.2. 
 
6.3.2 Material Nonlinearities 
The nonlinear relationship between stress and strain was applied during nonlinear 
analysis, and the stress-strain relationships were based on Ramberg-Osgood 
expressions for each scaffolding component. The Ramberg-Osgood expressions 
(Ramberg and Osgood, 1941, Rasmussen, 2003) were fitted to the experimental 
data obtained from full scale test (CASE, 2006). The stress-strain curves were 
compared with the actual sub-assembly test data, as seen in Appendix 11 along 
with the Ramberg-Osgood equation. No test data was available for the ledger, 
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brace and spigot so the stress-strain relationships for these components were 
calculated by scaling the Ramberg-Osgood stress-strain relationship used for the 
standard, however using the nominal yield stress of each component. The 
nonlinearity effects for these three components was considered to be small 
because the ledger, and the brace and spigot insert were only expected to be 
loaded in the elastic range. The Ramberg-Osgood equation can be written as 
  
 
 
  
  
 
 
 
  
   ; where   is the strain,   is the stress,   is the Young’s 
modulus, and  is a constant depending on the material. The main parameters of 
each Ramberg-Osgood scaffolding component curve (E0, σ0.2, n) are summarised 
in Table 6.1, where E0 is the initial Young’s modulus, σ0.2 is the 0.2% proof stress 
as the equivalent yield stress, and n determines the sharpness of the knee of the 
stress-strain curve.  
Table 6.1: Ramberg-Osgood parameters for scaffold components 
Component Method of Testing 
E0 
(GPa)  
σ0.2 
(MPa) 
n 
Standard Experimental 200 530 38.2 
Ledger Scaling R-O curve  200 380 38.2 
Jack Experimental 200 495 16.0 
Base plate Experimental 200 260 25.0 
Brace Scaling R-O curve  200 430 38.2 
Spigot Scaling R-O curve  200 430 38.2 
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Figure 6.7: Stress-strain curve for Standard (adopted from (Chandrangsu, 2009b)) 
 
6.3.3 Spigot Joint 
The spigot joint was modelled in finite element analysis as a series of pinned 
links, as shown in Figure 6.8. This model was suggested by Enright et al. (2000) 
and it was tested to confirm its accuracy. This joint model was adapted and 
utilised in the Strand7 (2009) for calibration. 
                    
Figure 6.8: Schematic of Spigot joint model (Adopted from (Chandrangsu, 2009b)) 
Load 
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For FE modelling, the 300mm spigot was connected to the top and bottom 
standards via pinned connections. The top and bottom standards were modelled as 
nonlinear beam elements and were connected to the spigot via stiff (high EI and 
EA) members that are capable of transferring only lateral force to the spigot. As 
such, the only transfer of horizontal force was through the pinned links and the 
only vertical force was transferred between the top and bottom standards. Vertical 
loads in the standards induced bending which was transferred directly to the 
spigot joint and forced it to also bend due to the lateral forces acting oppositely at 
the top/bottom and centre of the spigot. The amount of bending was proportional 
to the amount of initial geometric imperfection of the standard, as well as the 
vertical force. More information on modelling the spigot joint is contained in 
Chapter 9 (Part B). For the purposes of three-dimensional analyses, the spigot 
connection was configured perpendicular to the primary bearers and in the 
direction of load eccentricity. This arrangement was confirmed in full scale sub-
assembly tests (CASE, 2006) because the spigot joint failed in the same direction 
as the load eccentricity. Furthermore, the spigot model was applied at the mid 
height of a lift because this is common practice on site and it ensures that the 
spigot experienced the highest bending moment.         
 
6.3.4 Semi-Rigid Standard-to-Ledger Connections 
In the Acrow Supercuplok system the connections between standard and ledger 
consist of a semi-rigid Cuplok joint (Figure 6.3) that can join up to four horizontal 
ledgers to a vertical standard. The relationship between the moment and rotation 
of the Cuplok connections was determined in previous research (Chandrangsu, 
2008) and was best modelled as a tri-linear curve (Figure 6.9). This research 
considered bending about the vertical and horizontal axes in three different joint 
configurations (4-way, 3-way, and 2-way). The research showed that as more 
ledgers were connected to the joint, it moved less and became stiffer. The average 
stiffness values for different joint configurations (k1, k2, and k3) are presented in 
Table 6.3. The average joint rotation values for β1, β2 and β3 are presented in 
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Table 6.3 for different joint configurations and bending axes. These results were 
adapted from (Chandrangsu, 2008). 
To model this Cuplok connection a ‘connection element’ was used in Strand7 
because this method was deemed appropriate by past researchers (Zhang, 2010) to 
model the relationship between moment and rotation. The model utilises a multi-
linear moment-rotation table which is specified for bending about the vertical and 
horizontal axes. The connection element is then used to supply stiffness for any of 
the six degrees of freedom (axial, shear in two directions, and bending about three 
axes). For the purposes of this thesis, only bending about the vertical and 
horizontal axes was incorporated in the multi-linear table, the others were 
assumed to be rigid, and as such, a connection element with a multi-linear 
moment-rotation curve models the relationship and behaviour of this joint 
explicitly in Strand7 (2009)  
 
Table 6.2: Average Cuplok Joint Stiffness (kNm/rad) (Adopted from (Chandrangsu, 2008)) 
 
Bending about 
horizontal axis 
Bending about vertical 
axis 
Joint 
configuration 
k1 k2 k3 k1 k2 k3 
4-way 80 102 5.3 15 7.5 0.8 
3-way 75 87 5.1 14 7 1 
2-way 70 77 4.6 7.5 5 1.5 
 
Table 6.3: Average Rotation in Cuplok joints (rad) (Adopted from (Chandrangsu, 2008)) 
 
Bending about horizontal 
axis 
Bending about vertical 
axis 
Joint 
configuration 
β 1 β 2 β 3 β 1 β 2 β 3 
4-way 0.014 0.036 0.16 0.02 0.04 0.1 
3-way 0.012 0.036 0.16 0.02 0.04 0.1 
2-way 0.007 0.036 0.16 0.02 0.04 0.1 
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Figure 6.9: Tri-linear moment-rotation for the Cuplok joints (Adopted from (Chandrangsu, 2008)) 
 
6.3.5 Base Plate Eccentricity 
Chandrangsu and Rasmussen (2006) suggested that the degree of rotational and 
translational fixity over the top and bottom joints in steel scaffolding systems 
must be calibrated correctly to achieve accurate results. It became clear from site 
investigations that the placement of base plates can occur on uneven or sloped 
ground, with the result that eccentricity can be formed in the base plates, as seen 
in Figure 6.10(a) of the Australian Standard (AS3610, 1995). It should be noted 
that this standard specifies an expected base eccentricity of 40 mm or bp/4, 
whichever is less, where bp is the stiff portion of the bearing of an end plate, as 
shown in Figure 6.10(a). For the scaffolding system studied, bp/4 was 17 mm, 
which is less than 40 mm, and therefore the expected eccentricity of the base 
system was 17 mm. However, noting that (a) most base plates are placed on 
concrete, (b) there is a distinct lack of statistical survey data in the literature, and 
(c) acquiring this data is very difficult and also subjective, the base plate 
eccentricity was conservatively and deterministically assumed to be 15mm. 
For FE modelling purposes the base eccentricity “e” was modelled as described in 
Figure 6.10(b). Nonlinear ‘beam elements’ were used to model the vertical 
standard and base plate, whilst a ‘contact element’ modelled the separation 
between the base plate and the ground. This contact element provides infinite 
stiffness (representing solid ground) in compression when the nodes come into 
Rotation 
Moment 
β1 β2 β3 
k1 
k2 
k3 
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contact, that is, when the gap is closed. A sensitivity analysis of eccentricity in the 
base plate revealed that this eccentricity had a minor effect on the ultimate failure 
load (resistance) of the scaffolding system.  
 
 
Figure 6.10: (a) base plate on uneven ground and (b) base eccentricity FEA model 
 
6.3.6 Load Eccentricity 
The statistical data and distribution for load eccentricity was determined from 
previously acquired survey data (Chandrangsu, 2009a). The finite element models 
used a mean value of 18.1 mm for loading eccentricity, a COV of 0.61, and a 
lognormal statistical distribution.  
Furthermore, for FE modelling, eccentricity was modelled as a rigid link with a 
length equal to the amount of load eccentricity. This rigid link was connected to 
the top of the jack perpendicular to the bearer and then a vertical load was applied 
at the far end of the link as a point load. The rigid link as acted like a short, stiff, 
cantilever that introduced a vertical force and additional moment into the jack.  
 
6.3.7 Brace Connection 
The brace elements laterally restrain one lift to the next via a telescopic diagonal 
member that has a hook element at each end. The brace tubes were modelled 
using two rigidly connected elements with an inner and outer tube of different 
cross section. The brace hook element was connected 60mm from the nodal point 
Load 
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Base plate 
Uneven ground Contact element 
Base plate 
Standard 
(a) (b) 
bp 
1 
1 
e 
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of the vertical standard, reflecting actual construction practice, as measured in site 
investigations. The axial spring stiffness of the brace hook connection is an 
important variable in the finite element model. The hook was modelled in Strand7 
(2009) as a “connection element” with a certain translational spring stiffness. 
Only axial stiffness is transferred from the brace hook to the ledger. Previous 
research and calibration exercises suggested that this translational spring stiffness 
for the brace hook connection was 1.8 kN/mm (Chandrangsu, 2010), but in this 
thesis, the translational spring stiffness value was provided by the PO, Acrow 
Formwork and Scaffolding Pty Ltd. The translational spring stiffness was found 
to be 2.6 kN/mm in a series of eight compression and tension tests of the 
SuperCuplok Brace hook. The results of Tests 7 and 8 can be seen in Figure 6.11 
and Figure 6.12, respectively. 
 
 
Figure 6.11: Relationship for Axial Stiffness in Tension of SuperCuplok Brace hook joint (Test 7, 
Acrow Test 2007) 
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Figure 6.12: Relationship for Axial Stiffness in Tension of SuperCuplok Brace hook joint (Test 8, 
Acrow Test 2007) 
 
6.3.8 Geometric Imperfections 
Because scaffolding systems are slender, they are sensitive to stability effects 
such as initial geometric imperfections, so the initial geometric imperfections 
which produce member P-δ and frame P-Δ effects (Figure 6.1), must be 
considered in calibration of the finite element analysis model.  
The author of this thesis chose the most accurate method for incorporating 
geometric imperfections into the finite element analysis model; it involved 
adopting the exact magnitudes of out-of-straightness and frame out-of-plumb of 
the members, and then implementing them directly at the nodes of the finite 
element models. The exact magnitudes were known from the imperfection 
measurements recorded as part of the sub-assembly tests (CASE, 2006). The 
application point of member out-of-straightness (δ) was at the mid height of the 
standard in each scaffold lift. The application point of frame out-of-plumb (Δ) 
was at the ledger-standard connection point and at the U-head connection.  
 
6.3.9 Top Boundary Condition 
The top boundary condition is critical to the accuracy of the calibrated finite 
element model. Chapter 5 details the investigation of the top boundary condition 
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(rotational stiffness) due to interaction between the timber formwork and the U-
head assembly. A summary of Chapter 5 findings is provided below as it relates to 
the finite element calibration process.  
The calibration of finite element models to full-scale test results was also 
investigated by Peng (2009) who found that the stiffness of the semi-rigid joint of 
the top boundary condition was 1765.8 kN cm/rad. In another calibration exercise 
between full-scale tests and finite element models of scaffolding systems, it was 
deemed that 4000 kN cm/rad was an appropriate value for top semi-rigid joint 
stiffness (Chandrangsu, 2010). This rotational stiffness was modelled as nodal 
rotational spring stiffness. It must be noted that Chandrangsu (2010) undertook a 
calibration exercise without knowing the stiffness of the brace hook and by 
making assumptions about the top boundary conditions. As such, these two 
parameters were varied during calibration, which is arguably less reliable than 
accurately calculating values for these parameters and then applying them into the 
model. The following calibration exercise is therefore deemed to be more accurate 
because these two parameters were calculated as part of this research and will be 
discussed herein; namely, the stiffness of the brace hook (Section 6.3.7 Brace 
Connection) and the top rotational spring stiffness (Section 6.3.9 Top Boundary 
Condition). Note that the top rotational stiffness about the x-axis in these tests and 
the finite element model was assumed to be rigid, which corresponds to the lack 
of strong axis bending or load eccentricity in the direction of the bearer.  
 
6.3.9.1 Moment-rotation ‘U-head’ Tests  
For this finite element model calibration exercise, the top rotational stiffness was 
calculated and applied to the full-scale FE models. The stiffness was calculated in 
a series of 43 tests at the University of Sydney (Reynolds, 2013), and is described 
in Chapter 5. It was determined from these 43 tests that the top rotational stiffness 
is linearly proportional to the axial load in the top jack. The linear relationship 
was derived by plotting a stiffness versus applied load curve, as seen in Chapter 5 
(Figure 5.25), which also displays the moment-rotation equation           
      , where y represents the stiffness (kNcm/rad) and x represents the applied 
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load (kN) of the U-head. This relationship means that the top rotational stiffness 
              , of the U-head connection increases as the load increases.  
Due to limitations with the test rig it was not possible to test loads greater than 
27kN, so the moment-rotation equation was used to calculate the stiffness for 
loads greater than 27kN. However, this linear relationship cannot continue 
infinitely because minor additional strength is gained at increasing stiffness and 
also since the test data was not available to support the assumption of increasing 
stiffness with increasing load. Hence, it was conservatively assumed there was a 
limit to the top rotational stiffness in the x-direction. This ‘capping stiffness’ was 
conservatively determined based on a number of key factors described in Chapter 
5 and is summarised here for convenience.  
1. It is within the bounds of the values suggested in the current literature, 
notably Peng (2009) and Chandrangsu (2010) who calculated top 
rotational stiffness’s of                     and            
                       , , respectively.  
2. It provides the best approximation of the ultimate strength of the system as 
determined in a calibration exercise between full-scale tests results 
(CASE, 2006) and finite element models. 
3. A parametric investigation into the effects of stiffness on the FE models 
established there was very little ultimate gain in strength above 4000 kN 
cm/rad.  
4. It was argued that stiffness values below 2000 kN cm/rad were too 
conservative because a parametric investigation with zero top rotational 
stiffness                 achieved strengths over and above 40kN 
(see Table 6.4) for all eighteen calibrated finite element models. Using the 
known moment-rotation Equation (6.1), an applied load of 40kN 
corresponds to a rotational stiffness of              . 
In summary, the rotational stiffness’s of the finite element model for the top 
boundary condition are as follows: rigid in the x-direction, zero in the z-direction, 
and equal to                        to a maximum of 2900 kN cm/rad in 
the y-direction. The axes are nominated in Figure 5.4. Furthermore, it is known 
from the results of Chapter 5 that there are two ways to model the top boundary 
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condition in Strand7 (2009), (1) using a nodal rotational capping stiffness 
(simplified method) that is constant and applied at the node, or (2) using a more 
accurate connection element. The decision to use the simplified method for 
Strand7 (2009) modelling will be discussed below. 
 
6.3.9.2 Simplified Top Boundary Condition  
The true relationship between moment and rotation (stiffness) increased 
throughout the increasing load increments, as seen in Chapter 5, so this true 
relationship could be modelled as a logarithmic curve evident in Figure 6.13. The 
calculations and equations used to derive this logarithmic relationship are in 
Appendix 12 and the ‘true’ moment-rotation relationship will be described as the 
‘more accurate’ method herein. In summary, the author was attempting to 
determine whether the simplified top boundary condition of applying a capping 
stiffness value of 2900 kN cm/rad (derived in Chapter 5) could be applied as a 
nodal rotational stiffness, instead of applying the more complex and 
computationally intensive ‘true’ moment-rotation relationship. This relationship 
was modelled as a connection element attached to a translational and rotationally 
fixed node where the connection element had the moment-rotation logarithmic 
curve applied throughout the nonlinear loading increments. Hence, if the 
simplified method proved to be an adequate substitute for the more accurate 
moment-rotation relationship, it would then be used for finite element modelling. 
It was concluded from this comparison investigation that the simplified method 
can be used to predict the true behaviour of the U-head connection. Both the 
simplified and more accurate methods were adopted in separate sets of finite 
element models calibrated to Tests 2 to 18 (CASE, 2006). The results of the 
ultimate strength for the simplified method are on average within 3% of the more 
accurate method, as Table 6.4 shows. A comparison of the simplified and more 
accurate methods can be seen in . Furthermore, the load-deflection responses of 
the simplified method match almost perfectly with the full scale tests and are a 
better match than the more accurate model load-deflection responses for Tests 2 
to 18. The load-deflection responses for the more accurate (red line) and 
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simplified methods (green line) for Test 2 can be seen in  and the full set of load-
deflection responses for all eighteen tests can be seen Appendix 14.  
In summary, Table 6.4 clearly indicates that the simplified method for modelling 
rotational stiffness can be used to predict both the ultimate strength and load-
deflection responses in nonlinear finite element models, and since the simplified 
method has faster computational performance and accurate load-deflection 
responses (Figure 6.13), it will be used for calibration purposes. Thus Equation 
(6.1) was used to input a value for top rotational stiffness in all finite element 
models up to a maximum value of 2900 kN cm/rad. 
          
Figure 6.13: True moment-rotation relationship 
 
Figure 6.14: Test 2 Load-deflection Response, Simplified vs Accurate Method  
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Table 6.4 Comparison of Accurate and Simplified Models for each full scale test 
 
 
 
 
 
Test 
# 
Simplified 
FE Model 
(kN) 
Accurate 
FE 
Model 
(kN) 
Full-
scale 
Test 
(kN) 
Variance 
(Simplified 
less 
Accurate) 
Simplified 
/ Full-scale 
Accurate / 
Full-scale 
 (A) (B) (C) (A-B)/A A/C B/C 
2 94 92 89 2.39% 5.84% 3.37% 
3 86 84 91 2.38% -5.49% -7.69% 
4 43 42 50 2.54% -13.05% -15.20% 
5 58 58 60 0.00% -3.33% -3.33% 
6 62 62 60 0.00% 3.33% 3.33% 
8 136 126 130 7.94% 4.62% -3.08% 
10 64 64 70 0.00% -8.57% -8.57% 
11 130 126 120 3.59% 8.67% 4.90% 
12 128 122 120 4.92% 6.67% 1.67% 
13 65 61 70 6.21% -7.14% -12.57% 
14 155 155 160 -0.26% -3.38% -3.13% 
15 96 94 105 2.13% -8.57% -10.48% 
16 94 92 100 2.17% -6.00% -8.00% 
18 141 130 150 8.72% -6.00% -13.54% 
   
AVG 
 
-1.49% -4.39% 
 
 
6.4 Calibration Results 
 
The finite element analysis (FEA) software package Strand7 (2009) was used to 
create a finite element model for each of the full-scale sub-assembly tests. 
Eighteen nonlinear, three-dimensional finite element models were developed 
using the dimensions of the full scale frame and the values of imperfections. 
Figure 6.16 shows the finite element model for Test No. 3 (CASE, 2006), which 
accounts for both material and geometric nonlinearities. 
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Calibrating the finite element analysis models to the full scale sub-assembly tests 
(CASE, 2006), occurred by comparing ultimate loads and displacements from the 
FEA models against the failure loads and load-deflection responses obtained from 
the full scale sub-assembly tests (CASE, 2006). That is, the FEA models were 
calibrated to achieve displacements and ultimate loads that were similar to the full 
scale tests for eighteen models. The results of this exercise can be seen in , and a 
graphical representation of all eighteen calibration tests can be seen in Figure 
6.15. 
Based on the best research available and the author’s judgement, the following 
parameters were used in the FEA models. The bottom rotational stiffness was 
applied to all uprights except those with bottom eccentricity, and was calibrated to 
be 100 kNm/rad in both the x and y directions. Translational stiffness was rigid in 
all directions due to the frictional capacity of the base plates in the x and y axis 
and the founding condition (typically concrete slab) in the z-axis. Details of the 
boundary conditions for the finite element models can be seen in .  
 
Table 6.5: Load Calibration Results 
Bottom Boundary Conditions 
      
     
      
     
      
     
        
      
        
      
        
      
Rigid Rigid Rigid 10,000 10,000 0 
 
Top Boundary Conditions 
      
     
      
     
      
     
        
      
        
      
        
      
Rigid Rigid 0 Rigid 2900 0 
 
Brace End Connections 
Axial Stiffness (kN/mm) 2.6 
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The calibration results for the full scale test and advanced analysis failure loads 
are in . The finite element model failure loads agreed reasonably well with the full 
scale failure loads with some outliers, as  shows. An average of the ratios between 
the full scale test load and the predicted FEA load was close to 1.0 (1.019) with a 
small co-efficient of variation (COV) of 0.063, which meant that advanced 
analysis utilising geometric and material nonlinear finite element models produces 
ultimate loads and deflection responses that agree well with the full scale tests. 
The representative load-deflection response curves (Figure 6.17 and Figure 6.18), 
compare the finite element analysis results with the experimental load-deflection 
responses for Test 5 and Test 18, respectively. The calibration curves for all tests 
are in Appendix 13. These calibration curves showed that some FE models were 
more accurate and some less accurate, however, overall the ultimate loads and the 
load-deflection responses of the FE models generally agreed with the full scale 
tests. It must be noted that an arc length solution was used to define the failure 
load from the Strand7 (2009) results. 
 
Table 6.6: Full-Scale test ultimate load (CASE, 2006) vs FE ultimate load 
Test 
Number 
Full-Scale 
Test failure 
load (kN) 
Ultimate Load from 
advanced analysis 
(kN) 
Test Load / 
Advanced analysis 
result 
2 89 94.2 0.945 
3 91 86 1.058 
4 50 43.475 1.150 
5 60 58 1.034 
6 60 62 0.968 
8 130 136 0.956 
9 65 47.475 1.369 
10 70 64 1.094 
11 120 130.4 0.920 
12 120 128 0.938 
13 70 65 1.077 
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14 160 154.6 1.035 
15 105 96 1.094 
16 100 94 1.064 
18 150 141 1.064 
  
MEAN 1.019 
  
COV 0.063 
 
 
Figure 6.15: Calibration comparison between FE and Full-scale tests 
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Figure 6.16: Finite Element Model of Test Number 3 (Adopted from (Chandrangsu, 2009b)) 
 
 
Figure 6.17: Calibration of load-deflection responses at mid-height of the standard in the 3rd lift of the 
2nd row of the frame for Test No. 5. Note: There is a near perfect match between Full scale test and FE 
result.  
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Figure 6.18: Calibration of load-deflection responses at mid-height of the standard in the 3rd lift of the 
2nd row of the frame for Test No. 18 
 
6.4.1 Effect of U-head Rotational Stiffness 
The calibration exercise also yielded other notable results. In a parametric 
investigation the ultimate loads for each test were determined with varied top 
rotational stiffness’ (   . As well as encompassing zero rotational stiffness, the 
tests incorporated the rotational stiffness’ suggested by others 1765.8          
(Peng, 2008) and 4000          (Chandrangsu, 2010). The results can be seen 
in Figure 6.19. 
 
0
20
40
60
80
100
120
140
160
0 5 10 15 20 25 30
L
o
ad
 (
k
N
) 
Deflection (mm) 
Full Scale Test Result FE Result
Chapter 6 - Advanced Analysis Models 
    ________________________________________________________________ 
184 
 
Figure 6.19: Ultimate Load Investigation for stiffness up to 10,000 kNcm/rad 
 
It is clear from this parametric investigation that below 2000          the 
ultimate load decreased rapidly in all tests. In test 14 the ultimate load dropped by 
35.6 kN when the stiffness decreased from 2000          to 0         , 
although there was only a marginal increase in the ultimate load above 2000 
        .  
The stiffness tests described in Chapter 5 gave peak rotational stiffness’s in the 
order of 1500          for a 2700kg load. However as described above, a 
capping value of 2900          was applied to the models since there was 
hardly any additional stiffness gain from 2900          to 4000         , in 
fact a 5.6% increase in ultimate strength was achieved on average for all eighteen 
tests when the top rotational stiffness component was increased from 2000 to 
4000         .  
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6.5 Discussion 
 
It was clear from the calibrations performed as part of this research that advanced 
analysis utilising geometric and material nonlinear finite element models 
produced ultimate loads and deflection responses that agreed with the results of 
full scale tests. The failure load for the finite element model was within 8% of the 
full scale failure loads. The average of the ratios between the full scale tests load 
and the predicted FEA load was close to 1.0 (1.019) with a small co-efficient of 
variation (COV) of 0.06. These statistics will be used for model error in Chapter 
7. 
It must be noted that previous authors calibration results, with an average value 
close to 1.0, were the direct result of calibrating a number of unknown 
parameters. However, this new model was more refined and the previously 
calibrated parameters now have known values, that is, top rotational stiffness and 
the brace axial stiffness. The small COV showed that the stiffness values 
calibrated in , other than the calculated top rotational stiffness    ), were 
considered to be accurate because they provided consistent and accurate 
predictions of strength over a wide range of system configurations. The advanced 
analysis predicted very similar deformation responses for support scaffold 
systems; in fact the FEA deformation results were within 15% of the load-
deflection responses from the full scale test results (CASE, 2006). This can be 
seen in Figure 6.17 and Figure 6.18 for Tests 5 and 18, respectively. All other 
calibration curves are in Appendix 13.  
Comparable failure modes were also observed between FE and full-scale tests. In 
all the FE models there were two distinct failure modes, an S-shaped member 
buckle (Figure 6.20) in standards at shorter jack extensions (100mm and 300mm), 
leading to failure of the spigot joint. The other failure mode was a lateral frame 
buckle with large lateral displacements at the top storey (Figure 6.21). This failure 
occurred at longer jack extensions (600mm) due to deformation of the jacks. 
These failures also occurred in the full scale tests (CASE, 2006), and confirmed 
that advanced analysis can accurately predict the behaviours of the ultimate load,  
deflection, and failure of support scaffold systems.  
Chapter 6 - Advanced Analysis Models 
    ________________________________________________________________ 
186 
 
Figure 6.20: "S-shape" Failure Mode 
 
 
Figure 6.21: Lateral frame buckling 
6.6 Conclusion 
 
This chapter detailed the parameters and components utilised to create a finite 
element analysis model of full scale support scaffolding systems. All the elements 
deemed to affect the finite element analysis were modelled and accounted for, 
including the top rotational stiffness, semi-rigid upright-to-beam connections, 
spigot joints, brace stiffness, and base plate eccentricities. It was found that a 
simplified method could be used predict the top boundary condition rather than a 
more accurate, but computationally intensive ‘logarithmic’ method. 
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The calibration exercise used FE models that were identical to the eighteen full 
scale sub-assembly tests (CASE, 2006) in all respects. A comparison of the load 
deflection responses from the full scale sub-assembly tests (CASE, 2006) to 
displacements from the FE models showed close agreement. Furthermore, a 
comparison of the failure loads obtained from full scale sub-assembly tests 
(CASE, 2006) to the ultimate loads from the FEA models, confirmed this result. 
This study showed that advanced analysis can accurately predict the behaviour 
and strength of highly complex support scaffold systems. 
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CHAPTER 7 – PROBABILISTIC STUDY OF THE 
ULTIMATE STRENGTH OF STEEL SUPPORT 
SCAFFOLDING SYSTEMS 
 
7.1 Introduction 
 
Statistics for the ultimate strength of scaffolding systems were determined using 
the Monte Carlo simulation procedure. In each simulation the strength of the 
system was determined using second order inelastic finite element (advanced) 
analysis. The results of these Monte Carlo simulations and the shore load statistics 
were used in subsequent reliability analyses to determine the resistance factors of 
the system, based on a known target reliability    . 
There are known uncertainties that apply to scaffolding systems which affect the 
strength of the overall system and therefore must be incorporated in the advanced 
analysis models. These uncertainties include variations in the geometric and 
material parameters (including geometric imperfections), loading eccentricity, 
joint stiffness, and material yield stress, and were described in Chapter 2. When 
these particular uncertainties are applied to an advanced analysis model and a 
rational statistical framework is used for their application, a true reflection of the 
ultimate strength of steel support scaffold systems can be attained. New advanced 
analysis models were developed in Strand7 (2009) using the calibrated models 
and modelling concepts discussed in Chapter 6 – Advanced Structural Analysis 
Models of Steel Support Scaffolding Systems. In total, 36 support scaffolding 
systems in various configurations were considered for Monte Carlo simulations, 
including four different sizes, three different lift heights, and three different jack 
extensions.  
Comprehensive field studies and experimental tests were previously performed 
((Chandrangsu, 2009a), (Chandrangsu, 2008)) to acquire statistical data for the 
main uncertain variables in steel scaffoldings, including out-of-straightness, out-
Chapter 7 – Probabilistic Study of Ultimate Strength  
    _____________________________________________________________ 
189 
of-plumb, and loading eccentricity. Furthermore, scaffold component tests were 
previously performed to determine the stiffness (moment-rotation relationship) of 
the Cuplok joint (Chandrangsu, 2008) and the U-head connection (Chapter 5).  
The following chapter details the Monte Carlo simulation procedure, a problem 
solving technique used to approximate the probability of certain outcomes by 
running repeat tests (simulations) using random variables. In order to conduct 
Monte Carlo simulations, a complex Strand7 (2009) application programming 
interface (API) sub-routine was written in C++ language to apply varying random 
inputs to the finite element models. These random inputs were established using 
Boost C++ libraries and included random distributions for geometric 
imperfections, joint stiffness, loading eccentricity, yield stress, and section 
properties. In total, 350 executions of advanced analyses for each of the 36 
models were used to determine variations in the ultimate system strength based on 
these known uncertainties. The statistics for system strength were determined 
from these Monte Carlo simulations with the material and geometric uncertainties, 
as well as model uncertainty, being incorporated in the simulations.  
 
7.2 Analysis Models for Probabilistic Assessment 
 
A representative sample of scaffolding systems was chosen from what is typically 
encountered on construction sites. Of the 36 configurations, four variances in bay 
size were assessed, 1x1 Bay, 3x3 Bays, 3x6 Bays, and 9x9 Bays. The same width 
bay (1829mm) was used in all models because it was the most common on 
construction sites. There were three lifts (levels) of vertical standards in all the 
models, with three variances in lift heights assessed; 1.0 m, 1.5 m, and 2.0 m. 
Furthermore, three different configurations of jack extension were considered to 
represent those occurring on site; 100 mm, 300 mm, and 600 mm. These typical 
system configurations can be seen in Figure 7.1 to Figure 7.4. The material 
properties of each component in the scaffolding analysis models can be seen in 
Table 7.1.  
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Table 7.1: Properties of Scaffolding Components 
Component Dimensions Grade 
Standards, 
attached with 
Cuplok joints 
Nominal outside diameter of 48.3 
mm and thickness of 4 mm 
Cold-formed circular 
steel tube (CHS) grade 
450 MPa 
Ledgers with 
end blades 
Nominal outside diameter of 48.3 
mm and thickness of 3.2 mm 
Grade 350 MPa CHS 
Telescopic 
braces with 
hook ends 
48.3 mm x 4.0 mm outer tube and 
38.2 mm x 3.2 mm inner tube 
CHS with 400 MPa 
nominal yield stress 
Adjustable 
jacks 
36 mm diameter threaded steel rod Grade 430 MPa 
Base plates 180 mm x 180 mm x 10 mm 250 MPa nominal 
yield stress 
 
To obtain consistent results the following parameters were used in each analysis 
model. (1) The top and bottom jack extension lengths are equal in their respective 
models. (2) The vertical connection element (spigot joint), was located in the 
second and third lifts of all systems. This agreed with current construction 
practice since no spigot joints are typically located in the base lift. (3) All the 
models were braced and the bracing configuration for each model can be seen in 
Figure 7.1 to Figure 7.4.  
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Figure 7.1: 1x1 Bay scaffold configuration in the studies 
        
Figure 7.2: 3x3 Bay scaffold configuration in the studies 
Chapter 7 – Probabilistic Study of Ultimate Strength  
    _____________________________________________________________ 
192 
           
Figure 7.3: 3x6 Bay scaffold configuration in the studies 
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Figure 7.4: 9x9 Bay scaffold configuration in the studies 
 
The Monte Carlo Simulation models were created utilising the calibrated finite 
element models described in Chapter 6. The boundary conditions of each model 
were based on known and measured parameters. The rotational stiffness of the top 
boundary condition in the y-axis was obtained from component testing and was 
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proportional to the load applied, to a maximum of 2900 kNcm/rad (Chapter 5). 
The rotational stiffness in the x-axis was assumed to be rigid due to negligible 
strong axis bending of the supported timber bearer. The top translational stiffness 
was assumed to be rigid in the x-axis and y-axis, due to the timber formwork 
laterally restraining or bracing the U-head. Refer to Figure 7.5 for the axis 
orientation. The bottom boundary condition had base plate eccentricity at each 
standard of 15mm, which was an accurate assumption because it was close to the 
maximum allowable bottom eccentricity specified in the Australia Standard 
(AS3610, 1995). Vertical loads representative of the load from formwork, were 
applied to each U-head component as point loads. A typical Monte Carlo 
Simulation FE model is shown in Figure 7.5, which has 3x6 Bays, 3 lifts, and 2.0 
m lift height with 300 mm jack extension top and bottom. 
 
Figure 7.5: Typical finite element model for Monte Carlo simulations 
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7.3 Uncertainties included in Monte Carlo Simulation 
Steel support scaffold systems are reusable structures and are erected and 
dismantled many times during their lifetime. As a result, the components of 
scaffolding systems, including the shores, ledgers, cuplok joints, base plates, 
jacks, and U-heads typically possess inherent imperfections and uncertainty, 
either from poor handling and reuse, or from manufacture. These uncertainties are 
referred to as variations in the material and geometric properties. For the Monte 
Carlo simulation process, these uncertainties were treated as random variables in 
order to obtain accurate statistics for system strength. The uncertainties 
considered to be random variables in the Monte Carlo Simulations include: 
 Initial Geometric imperfections: out-of-straightness and out-of-plumb 
 Load Eccentricity 
 Standard-to-Ledger: joint stiffness in connection 
 Standard: cross-sectional area, moment of inertia and yield stress 
 Jacks: cross-sectional area, moment of inertia and yield stress 
Random load eccentricities were applied to each point load throughout the Monte 
Carlo simulation process. The statistics for which were based on previously 
acquired load eccentricity survey data (Chandrangsu, 2009a). Furthermore, 
random geometric imperfections, joint stiffness and material properties were also 
applied in this manner. The statistics for which were derived from previous 
investigations (Chandrangsu, 2009a) and are described herein.  
 
7.3.1 Initial Geometric Imperfections 
As discussed in Chapter 6, geometric imperfections are known to impact 
scaffolding systems which are inherently slender and hence susceptible to 2
nd
 
 
order member P-δ, and frame P-∆ effects. There are two known types of 
geometric imperfections; out-of-straightness of the standards (member 
crookedness) and storey out-of-plumb (initial frame sway), which adversely 
affects the strength of the scaffolding system. These two geometric imperfections 
were therefore considered in the Monte Carlo simulations. There is little guidance 
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in literature for acceptable values for each. The Australian Standard (AS4100, 
1998) for steel buildings suggests a maximum out-of-straightness of Lh/1000 and 
a maximum out-of plumb of H/400, where Lh is the length of the column and H is 
the storey height. The Australian Standard (AS3610, 1995) for formwork provides 
guidance for scaffold systems to have a maximum out-of straightness of    
          where    is the eccentricity of the overall prop, and    is the overall 
length of the standard. It has been argued that this allowance for out-of-
straightness in the current code is excessive. In fact, previous survey data 
collected (Chandrangsu, 2009a) for the reference scaffold system revealed that the 
out-of-straightness of the vertical standards was well within the expectations of 
the Australian Formwork (AS3610, 1995) code requirement (        , even 
when the standards were connected with spigot joints. In fact geometric 
imperfection (Chandrangsu, 2009a) survey results showed that the initial out-of-
straightness of standards without spigots had a mean value of          and a 
COV of 0.75, as seen in Table 7.2 where    is the same as   . Furthermore, the 
survey determined that the initial out-of-straightness of standards with spigot 
joints increased significantly. Standards with spigot joints were found to have a 
mean of         , a COV of 0.615 and a lognormal statistical distribution. This 
information was utilised for Monte Carlo simulations and is summarised in Table 
7.2.  
Table 7.2: Statistical data for initial geometric imperfections used in the simulations (adopted from 
(Chandrangsu, 2009a) 
Random variable Mean COV Distribution 
Out-of-straightness of the standards 
without spigot joints 
         0.75 Lognormal 
Out-of-straightness of the standards 
with spigot joints 
        0.615 Lognormal 
Storey out-of-plumb        0.313 Normal 
 
The same researchers (Chandrangsu, 2009a) conducted a site survey to investigate 
the storey out-of-plumb (     where   is the sway and   is the height of the 
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entire scaffold system). The storey out-of plumb or overall sway of an entire 
frame fitted within a normal statistical distribution and had a mean of        and 
a COV of 0.313, again summarised in Table 7.2. Both storey out-of-plumb and 
out-of-straightness were applied to the Monte Carlo simulation models. Each 
vertical standard was considered to behave independently and were therefore 
uncorrelated so a random direction and magnitude for out-of-straightness was 
given to each standard in the x-direction. 
 
7.3.2 Loading Eccentricity 
Load eccentricity was also considered in Monte Carlo simulation models due to 
its adverse effect on the strength of scaffolding systems, as seen in Chapter 6. The 
Australian Formwork standard (AS3610, 1995), limits eccentricity of loading to 
bearer width/4; that is, 19mm, for a typical LVL timber bearer. Furthermore, it 
was possible for the system being investigated that a bearer could cause a load 
eccentricity of up to 55mm, so for the Monte Carlo simulation the loading 
eccentricity was limited to a maximum of 55mm. The statistical data and 
distribution for load eccentricity were determined in a previous survey 
(Chandrangsu, 2009a) where data at four construction sites was collected and 
seventy four recordings were compiled. The results of the survey, which were also 
used in the following Monte Carlo simulations, confirmed a mean value for 
loading eccentricity of 18.10mm, a COV of 0.608, and a lognormal statistical 
distribution. This eccentricity agreed with the maximum of 19mm suggested by 
the Australian Formwork standard (AS3610, 1995). The survey data acquired 
previously (Chandrangsu, 2009a) suggested that the load eccentricity appeared to 
be in a random pattern and therefore it could be assumed that the load 
eccentricities of the uprights were not correlated, but this conclusion could not be 
generalised without additional site survey data. Therefore, in this thesis, only the 
magnitudes of the out-of-straightness and load eccentricity were taken to be 
random variables, as Figure 7.13 shows. A summary of the statistical parameters 
for load eccentricity used for the Monte Carlo simulation can be seen in Table 7.3. 
In each Monte Carlo simulation a load eccentricity was applied in the x-direction 
(refer to Figure 7.5 for the axis orientation) or in the weak axis of the top 
boundary, and had a random magnitude.  
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Table 7.3: Load Eccentricity statistical data (adopted from (Chandrangsu, 2009a)  
Random variable Mean COV Distribution 
Loading eccentricity 18.10 mm 0.608 Lognormal 
 
Eccentricity also occurs at the bottom of a scaffolding system due to uneven or 
sloping ground. Base plates are most commonly placed on concrete slabs or 
timber ‘packers’ and would arguably not be susceptible to large load eccentricity. 
The Australian Formwork Standard (AS3610, 1995), nominates a base 
eccentricity of the lesser of 40mm or     , where    is the stiff portion of bearing 
of an end plate, and for the system being investigated      was 17 mm. However, 
noting that: (a) most base plates are founded on concrete, (b) there is a distinct 
lack of statistical survey data in the literature, and (c) acquiring appropriate data is 
extremely difficult as well as subjective, the base plate eccentricity was 
conservatively assumed to be 15mm. As such, this value was adopted in the 
Monte Carlo simulations and applied in the same x-direction to each base plate 
using the base plate model described in Chapter 6. 
 
7.3.3 Joint Stiffness 
As discussed in Chapter 6, the connection between the vertical and horizontal 
members is critical. The joint between vertical standards and horizontal ledgers 
have varying degrees of fixity due to imperfections caused by reuse, so their 
uncertain behaviour warranted an investigation (Chandrangsu, 2008) into their 
stiffness. The investigation determined that the ‘Cuplok’ style standard-to-ledger 
connection behaved as semi-rigid connections and were typically loose and not 
very stiff when loading commenced due to a poor fit. This relationship was 
approximated by researchers as a tri-linear moment-rotation curve, as seen in 
Chapter 6. The same relationship was used to idealise the moment-rotation 
behaviour of the Cuplok joint in the Monte Carlo simulations. Most of the 
strength in scaffold systems is gained from the Cuplok joint bending in the 
vertical plane. Joint stiffness in the horizontal plane is not considered to be critical 
when calculating the ultimate strength and was therefore considered to be 
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deterministic using the mean values for the tri-linear curve (seen in Appendix 15) 
for bending about the vertical axis in the Monte Carlo simulations. The values of 
β1, β2 and β3 (refer to tri-linear curve in Chapter 6) were thus taken to be 
deterministic and were incorporated into the Monte Carlo simulation models at 
their mean values. The variations of k1, k2, and k3 for bending about the 
horizontal axis (vertical bending stiffness) for various joint configurations can be 
seen in Appendix 15. The degree of joint stiffness was modelled statistically as a 
normal distribution. 
 
7.3.4 Cross-Sectional Area and Moment of Inertia 
When scaffolding components are manufactured, including the jacks and shores, 
dimensional differences occur which leads to variations in the cross sectional area 
and moment of inertia. Since there are many components in a scaffolding system, 
only the main vertically loaded components, including the shores and jacks, were 
considered for their variable parameters in the Monte Carlo simulation process. 
Hence, the moment of inertia and cross sectional area for these two components 
were applied as random variables and the statistical data for these variables was 
acquired by other researchers who measured 80 second hand standards and jacks 
(Chandrangsu, 2010). Their results can be seen in Table 7.4.  
 
Table 7.4: Statistical results for Jack and Standard (adopted from (Chandrangsu, 2010)) 
 Random variable Mean COV Distribution 
 
Jack 
Cross Sectional Area 1018 mm
2 
0.05 Lognormal 
Moment of Inertia 82448 mm
4 
0.05 Lognormal 
 
Standard 
Cross Sectional Area 557 mm
2
 0.05 Lognormal 
Moment of Inertia 137676 mm
4
 0.05 Lognormal 
 
The moment of inertia and cross sectional area for other components were 
assumed to be deterministic and were applied at their mean values. In the absence 
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of any statistical information regarding the other components, the mean value was 
conservatively assumed to be the same as the nominal value. It must be noted that 
for each Monte Carlo simulation, one element in the model had its own random 
values of cross-sectional area and moment of inertia. 
 
7.3.5 Yield Stress 
Variations in yield stress occur when steel scaffolding components are 
manufactured, and since this variation obviously affects the strength of a 
scaffolding system, it was applied as a random variable. Again, only the main 
vertically loaded components, the jack and standard, were considered to be critical 
and thus had variation of yield stress incorporated as random variables during the 
Monte Carlo simulations. The statistical data was obtained from past literature 
(Galambos, 1978) where the mean yield stress was assumed to be 1.10  , where 
   is the minimum nominal yield stress for the particular steel grade, as seen in 
Table 7.5. 
Table 7.5: Yield Stress Statistics 
 Random variable Mean COV Distribution 
Jack Yield Stress (mean) 473 MPa 0.1 Normal 
Standard Yield Stress (mean) 495 MPa 0.1 Normal 
 
Table 7.6: Deterministic Parameters for Monte Carlo Simulations 
Deterministic Parameter Value 
Bottom Eccentricity 15mm 
Yield stress for the Spigot 400 MPa 
Yield stress for the Brace 400 MPa 
Yield stress for the Ledger 350 MPa 
Yield stress for the Base Plate 250 MPa 
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The yield stresses of the other components, not considered critical in loading, 
were assumed to be deterministic and were applied in the model at their mean 
values, as seen in Table 7.6. Note that for every Monte Carlo simulation, a 
random value of yield stress was applied to each element in the model.  
 
7.4 Ultimate Strength of Support Scaffold Systems 
 
As noted previously, to determine the statistical distributions for the ultimate 
strength of support scaffold systems, random values for load eccentricity, initial 
geometric imperfections, joint stiffness and model uncertainty were incorporated 
into the Monte Carlo simulations and were treated as random variables. For each 
Monte Carlo simulation it was reasonable to assume that no correlation between 
standard-to-standard and joint-to-joint existed, since in current construction 
practice new standards and joints are mixed with old ones. Furthermore, the initial 
frame sway at each storey was assumed to be perfectly correlated. For each Monte 
Carlo simulation, the load eccentricity and member out-of-straightness was 
randomly positioned towards either side of each column (as seen in Figure 7.13). 
 
7.4.1 Summary of Random Variables for Monte Carlo 
Simulations 
Seven random parameters were altered in the Monte Carlo simulations: (1) the 
yield stress of the standards, (2) the yield stress of the jacks, (3) the initial out-of-
straightness of the standards, (4) the load eccentricity, (5) the thickness of the 
CHS of the uprights, (6) the diameter of the jacks, and (7) the joint stiffness of the 
semi-rigid cuplok joints. Each of the random variables was assumed to be 
mutually statistically independent. Table 7.7 summarises the statistical 
information for the basic random variables and other model parameters used in 
the Monte Carlo simulation. Detailed information may be obtained from the 
references cited. Furthermore, it was also assumed that the measured data for out-
of-straightness and load eccentricity represented normal quality construction. 
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Random Variable  Nominal 
Value 
Mean 
Value 
COV Distribution Reference 
Out-of-Straightness 
of Standards without 
Spigot joints 
Lh/500 Lh/2500 0.75 Lognormal 
(Chandrangsu
, 2009a) 
Out-of-Straightness 
of Standards with 
Spigot joints 
Lh/500 Lh/770 0.615 Lognormal 
(Chandrangsu
, 2009a) 
Storey Out-of-
Plumb 
H/600 H/625 0.313 Normal 
(Chandrangsu
, 2009a) 
Loading 
Eccentricity (mm) 
19 
(       18.10  0.608 
Lognormal 
 
(Chandrangsu
, 2009a) 
Cross Sectional 
Area (Jack) (mm
2
) 
1017.9 1017.9  0.05 
Lognormal 
 
(Ellingwood, 
1980) 
Moment of Inertia 
(Jack) (mm
4
) 
82448  82448 
 
0.05 Lognormal 
(Ellingwood, 
1980) 
Cross Sectional 
Area (Standard) 
(mm
2
) 
556.7 556.7 
 
0.05 Lognormal 
(Ellingwood, 
1980) 
Moment of Inertia 
(Standard) (mm
4
) 
137676 137676  0.05 Lognormal 
(Ellingwood, 
1980) 
Yield stress for the 
Standard 
450 MPa 495 MPa 0.1 Normal 
(Galambos, 
1978) 
Yield stress for the 
Jack 
430 MPa 473 MPa 0.1 Normal 
(Galambos, 
1978) 
Yield stress for the 
Jack 
430 MPa 473 MPa 0.1 Normal 
(Galambos, 
1978) 
Table 7.7: Random Variables for Monte Carlo Simulation Models 
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7.4.2 Results of Monte Carlo Simulation  
Over 1700 computational hours were required to develop the following relative 
frequency histograms and to show the statistical distribution of ultimate strength 
for the 36 finite element system configurations. Note that Figure 7.6 to Figure 7.8 
are only three representative examples of Monte Carlo histograms, the other thirty 
three histograms are documented in Appendix 16. Each histogram documents the 
mean, standard deviation, and coefficient of variation (COV) for each of the 36 
systems, and these results are summarised in Table 7.8.  
 
Table 7.8: Monte Carlo Results for Ultimate System Strength 
Lift 
height 
(m) 
Jack 
extensions 
(mm) 
Number 
of lifts 
Number 
of bays 
 ̅ (kN) 
COV 
(    
Standard 
Deviation 
1.0 100 3 1x1 144.78 0.14 19.96 
1.0 300 3 1x1 127.25 0.12 15.32 
1.0 600 3 1x1 91.39 0.08 7.61 
1.0 100 3 3x3 131.99 0.10 13.20 
1.0 300 3 3x3 115.87 0.08 9.03 
1.0 600 3 3x3 86.02 0.05 4.43 
1.0 100 3 3x6 138.38 0.06 8.95 
1.0 300 3 3x6 118.76 0.09 11.02 
1.0 600 3 3x6 89.09 0.03 2.46 
1.0 100 3 9x9 139.45 0.04 5.67 
1.0 300 3 9x9 121.02 0.04 4.53 
1.0 600 3 9x9 91.69 0.01 1.22 
1.5 100 3 1x1 124.92 0.09 11.69 
1.5 300 3 1x1 112.95 0.07 8.06 
1.5 600 3 1x1 73.10 0.08 6.01 
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continued 
Lift 
height 
(m) 
Jack 
extensions 
(mm) 
Number 
of lifts 
Number 
of bays 
 ̅ (kN) 
COV 
(    
Standard 
Deviation 
1.5 100 3 3x3 118.61 0.08 10.05 
1.5 300 3 3x3 107.38 0.04 4.01 
1.5 600 3 3x3 69.92 0.02 1.38 
1.5 100 3 3x6 123.67 0.09 10.74 
1.5 300 3 3x6 112.48 0.07 7.79 
1.5 600 3 3x6 74.03 0.03 2.53 
1.5 100 3 9x9 129.90 0.10 12.72 
1.5 300 3 9x9 116.08 0.08 9.80 
1.5 600 3 9x9 73.76 0.06 4.44 
2.0 100 3 1x1 93.91 0.07 6.54 
2.0 300 3 1x1 83.21 0.07 5.46 
2.0 600 3 1x1 59.31 0.07 4.33 
2.0 100 3 3x3 94.34 0.08 7.56 
2.0 300 3 3x3 84.26 0.06 5.27 
2.0 600 3 3x3 59.22 0.05 3.22 
2.0 100 3 3x6 94.50 0.07 7.08 
2.0 300 3 3x6 85.82 0.07 5.74 
2.0 600 3 3x6 59.93 0.05 2.80 
2.0 100 3 9x9 96.03 0.10 9.89 
2.0 300 3 9x9 86.17 0.11 9.73 
2.0 600 3 9x9 61.16 0.05 3.21 
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7.4.3 Representative Monte Carlo Simulation Results 
(Histograms) 
The following are a representative sample of histograms for the ultimate strength 
of 1x1 Bay, 1 m lift height, 3 lift support scaffold systems. Figure 7.6, Figure 7.7 
and Figure 7.8 represent the 100mm, 300mm, and 600 mm jack extension models, 
respectively. The other thirty three histograms are in Appendix 16.  
 
Figure 7.6: Histogram for the ultimate strength of 1x1 Bay, 1 m lift height, 3 lifts, and 100 mm top and 
bottom jack extensions support scaffold frame 
 
 
Figure 7.7: Histogram for the ultimate strength of 1x1 Bay, 1 m lift height, 3 lifts, and 300 mm top and 
bottom jack extensions support scaffold frame 
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Figure 7.8: Histogram for the ultimate strength of 1x1 Bay, 1 m lift height, 3 lifts, and 600 mm top and 
bottom jack extensions support scaffold frame 
 
The results of the Monte Carlo simulations revealed that the length to which a 
jack is extended has a direct effect on the strength of the system. In all cases, 
models with 600mm jack extension had significantly lower ultimate strengths. It 
is evident that the histograms have a left skew (negative skew) and are more 
scattered (larger COV) when the jack extension was shorter. This occurred 
because these models fail as a result of nonlinear material effects, that is, the 
variation in yield stress became the dominant factor, and when this was combined 
with the other uncertainties it, resulted in a more variable system strength. This 
assumption was proven by an analysis of the stress and strain for 1m lift height 
and 100mm jack extension in the advanced analysis models. In fact, at ultimate 
load, the stress and strain for both jacks and standards were in the plastic region. 
However, for the same system with a 600mm jack extensions, failure occurred 
when the jack was at ultimate in the elastic range, and elastic buckling induced 
final failure. These results were confirmed by the high and low fibre stresses of 
the 100mm and 600mm jack extension, respectively, as seen in Figure 7.9 and 
Figure 7.10.  
There also appeared to be a similar trend with respect to the lift height in these 
models such that larger lift heights generally lead to a lower ultimate strength. 
 -
 0.05
 0.10
 0.15
 0.20
 0.25
 0.30
R
el
at
iv
e 
fr
eq
u
en
cy
  
Frame Strengh (kN) 
Mean  91.39  
Std Dev  7.61  
COV   0.08  
Chapter 7 – Probabilistic Study of Ultimate Strength  
    _____________________________________________________________ 
207 
Again, this result occurred due to models with a shorter lift height failing because 
of nonlinear material effects. Again, the variation in yield stress became the 
dominant factor and when it was combined with other uncertainties, it resulted in 
more variable system strength. It was also found that the stress and strain results 
for 1m lift height were in the plastic region. However for systems with 2m lifts, 
failure occurred due to elastic buckling of the standard.  
Furthermore, the results (Table 7.8) showed that the size of a system does not 
generally have a significant effect on its strength. Indeed, for models with a 
similar lift height and jack extension, the mean strength increased slightly from 
3x3 Bays to 9x9 Bays. The 3x3 Bay system typically had a lower mean strength 
than the 1x1 Bay model with the same lift height and jack extension because the 
3x3 Bay system had no corner bracing, and was therefore a weaker system. In all 
cases the COV of systems with identical jack extension and lift height decreased 
as the system size increased from 1x1 Bay to 9x9 Bay. This was assumed to be 
the result of stochastic averaging of uncorrelated member properties and a 
redundancy of bracing members within larger systems. 
                     
Figure 7.9: Typical failure mode of a system with 1.0 m lift and 100 mm jack extensions 
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Figure 7.10: Typical failure mode of a system with 2.0 m lift and 600 mm jack extensions 
 
7.5 Modelling Uncertainty  
 
The uncertainties known to occur in scaffolding systems, including load 
eccentricity, geometric imperfection, and joint stiffness are considered to be 
‘physical uncertainties’ (Melchers, 1999) due to the inherent random nature of the 
basic variables, and are therefore referred to as ‘aleatory’ uncertainties 
(Ellingwood, 1980). The Monte Carlo simulations performed above only reflected 
the inherent randomness in the variables considered, that is, the uncertainty 
related to luck or chance. 
Modelling uncertainty (error) must also be factored into the statistics for system 
resistance and arises from simplifications in the modelling process. Modelling 
error is caused by a number of factors including, idealised moment-rotation 
curves for joint stiffness’, inaccuracy in the discretisation of the structure during 
finite element modelling, idealised initial geometric imperfections, and simplified 
boundary conditions.  
The statistical models for resistance must account for modelling error and in 
doing so the ‘true strength’ or resistance capacity of the system can be accurately 
calculated. Statistics for modelling error can be obtained from a comparison of 
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finite element (FE) models and full-scale test results. The statistical comparison of 
eighteen FE models, developed in Chapter 6, with the full scale tests results 
(CASE, 2006) gave a mean error and coefficient of variation (COV) for model 
error. The ultimate test loads (      ) were compared to the ultimate load 
predictions from advanced analysis (        ) and a mean error (     /         ) 
of 1.019 with COV of 0.06 was derived, as seen in Chapter 6. It is known that the 
variability between (     /         ) is a result of four factors, as described by 
(Ellingwood, 1980), and each will be incorporated into the statistical model using 
Equation (7.1). 
              √  
      
    
 
       (7.1) 
where               is the new ‘true’ COV of strength,    is the modelling 
uncertainty or variation of model error (COV = 0.06),     is the variation in test 
specimen dimensions from those measured,     is the uncertainty in the testing 
procedure and readings. Generally,     and     range from 0.02 to 0.04 for 
members (Melchers, 1999). The effects of     and     for the scaffolding system 
studied, were very difficult to quantify so they were conservatively ignored and 
therefore,                was equal to   . 
Thus the modelling uncertainty was assumed to be a normal random variable with 
a mean of 1.019 and a COV of 0.06 (as derived in Chapter 6). To incorporate the 
effect of this modelling error, the predicted ultimate load and COV (from Monte 
Carlo simulations) were modified by multiplying their simulated strengths by a 
randomly generated value of modelling error which is known to be normally 
distributed with a mean of 1.019 and a COV of 0.06. The ‘true strength’ of 
scaffolding can then be obtained since it incorporates modelling uncertainty. It 
must be noted that the coefficient of variation for modelling uncertainty (    
    ) is of a similar magnitude to the average variations in system strengths for 
finite element models          , see Table 7.12). Hence, the total variability 
in system strength reflects the contribution of model uncertainty and system 
strength uncertainty in almost equal proportion. The mean-to-nominal ratio for 
system resistance   ̅     and coefficient of variation      for each system 
configuration are presented in Table 7.12. For first order reliability method 
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(FORM) modelling (Chapter 8), a lognormal distribution was conservatively 
assumed as the probabilistic model for the system strength. A lognormal 
distribution is suggested in the Australian standards (AS5104, 2005) where 
section E.2.3 states that for material properties and dimensions a lognormal 
distribution is preferred. Furthermore lognormal distribution for probabilistic 
modelling has been used by previous researchers including Chandrangsu (2009) 
and Zhang (2012).   
 
7.6 Nominal Design Models 
 
The nominal design models were created using the modelling concepts and 
principles developed while calibrating the finite element models to full-scale tests, 
as described in Chapter 6. The nominal models used proposed (nominal) 
parameters and all material properties were assumed to be elastic-perfectly plastic 
(see Figure 7.11). 
                                           
Figure 7.11: Elastic-perfectly plastic model for steel 
As well as the magnitude of load eccentricity and column out-of-straightness, the 
pattern in which they are assigned can affect the stability of a steel frame. The 
most unfavourable pattern should be assumed for the initial geometric 
imperfections because it provides the greatest destabilising effect, as seen in 
Figure 7.13. This was also confirmed by the AISC (1993) design standard. As 
such, when calculating the nominal system strength     , the pattern of assigning 
the load eccentricity and directions of geometric were chosen to reflect the worst 
case scenario. All the load eccentricities were towards the same side of the 
standards to maximise frame instability for nominal strength calculations. 
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Furthermore, the column out-of-straightness follows the first buckling mode 
shape. The first elastic buckling mode was scaled and added to the perfect 
geometry to determine the form of member out-of-straightness (Chan, S.L., 2005).  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
These nominal models were established for practical application by engineers 
when designing scaffolding systems by advanced analysis. Each parameter of the 
Load Eccentricities 
Member out of 
Straightness 
      
   
Member out of 
Straightness 
      
   
Figure 7.13: Mean Strength Simulation – random variability in member out-of-straightness and 
load eccentricity  
Figure 7.12: Nominal Strength Test – assuming worst case scenario load eccentricity and member out-of-
straightness in same direction 
Load Eccentricities Uncorrelated 
Chapter 7 – Probabilistic Study of Ultimate Strength  
    _____________________________________________________________ 
212 
design model is identified in Table 7.9. In total 36 nominal finite element models 
were created and the nominal ultimate strength (Rn) results for each are presented 
in Table 7.10. The nominal value for out-of-straightness was assumed to be 
L/500, which is a typical value adopted by the industry. This value was also 
assessed in the following parametric investigation.  
 
Table 7.9: Parameters for nominal models 
Nominal Parameters Description Nominal Value 
Out-of Straightness of the 
Standards 
Lh= lift height Lh/500 
Storey Out-of-Plumb H=height of the 
system 
H/600 
Loading Eccentricity Mean value from 
survey 
19 mm 
Bottom Eccentricity See Section 7.3.2 15mm 
Section Properties See Section 7.3.4 Nominal 
Joint Stiffness See Tables 7.3.3 Mean 
Yield stress for the Standard Nominal Steel 
grades (see 
Section 7.4.3 for 
elastic-perfectly 
plastic material 
model). 
450 MPa 
Yield stress for the Spigot 400 MPa 
Yield stress for the Jack 430 MPa 
Yield stress for the Brace 400 MPa 
Yield stress for the Ledger 350 MPa 
Yield stress for the Base Plate 250 MPa 
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Lift 
height (m) 
Jack 
extensions 
(mm) 
Number 
of lifts 
Number 
of bays Rn (kN) 
1 100 3 1x1 134 
1 300 3 1x1 122 
1 600 3 1x1 89.4 
1 100 3 3x3 127 
1 300 3 3x3 113.45 
1 600 3 3x3 84.75 
1 100 3 3x6 127 
1 300 3 3x6 113.25 
1 600 3 3x6 86.25 
1 100 3 9x9 129 
1 300 3 9x9 116.2 
1 600 3 9x9 90.85 
1.5 100 3 1x1 115 
1.5 300 3 1x1 106 
1.5 600 3 1x1 70.8 
1.5 100 3 3x3 113 
1.5 300 3 3x3 104.2 
1.5 600 3 3x3 69 
1.5 100 3 3x6 113 
1.5 300 3 3x6 104.075 
1.5 600 3 3x6 71 
1.5 100 3 9x9 118.4 
1.5 300 3 9x9 107.7 
1.5 600 3 9x9 73 
2 100 3 1x1 83.9 
2 300 3 1x1 74.85 
2 600 3 1x1 55.4 
Chapter 7 – Probabilistic Study of Ultimate Strength  
    _____________________________________________________________ 
214 
 
continued 
Lift 
height (m) 
Jack 
extensions 
(mm) 
Number 
of lifts 
Number 
of bays 
Rn (kN) 
2 100 3 3x3 85.2 
2 300 3 3x3 77.4 
2 600 3 3x3 57.4 
2 100 3 3x6 85.2 
2 300 3 3x6 77.85 
2 600 3 3x6 58.85 
2 100 3 9x9 87.25 
2 300 3 9x9 79.85 
2 600 3 9x9 60.4 
Table 7.10: Nominal Ultimate strength results 
 
7.6.1 Parametric Investigation for Out-of-Straightness 
A parametric investigation was conducted to determine the effect of varying the 
out-of-straightness of the standards. As detailed previously in Table 7.2, a 
comprehensive site survey showed that the out-of-straightness was          and 
        , in standards with and without spigot joints, respectively. Furthermore, 
the Australian Formwork Standard (AS3610, 1995) suggests a maximum out-of 
straightness of             where    is the eccentricity of the overall prop and 
   is the overall length of the standard. This is arguably an excessive allowance 
for out-of-straightness and prompted a parametric investigation into the effect of 
out-of-straightness on the nominal system strength. The results of this 
investigation are shown in Table 7.11, where X refers to the ultimate strength of 
the system and X - 2.49% refers to a system with 2.49% less ultimate strength 
capacity.   
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Table 7.11: Out-of-Straightness Parametric Investigation 
NOMINAL RESULTS L/700 L/500 L/300 
Lift 
height 
(m) 
Jack 
extensions 
(mm) 
Number 
of lifts 
Number 
of bays 
Rn (kN) Rn (kN) Rn (kN) 
1.0 ALL 3 ALL X X - 0.75% X -1.35% 
1.5 ALL 3 ALL X X - 1.94% X -5.47% 
2.0 ALL 3 ALL X X - 2.49% X -8.16% 
 
The investigation determined that the amount of out-of-straightness applied to 
nominal models would not significantly affect the system capacity. In total 36 
nominal models were investigated with lift heights (1.0m, 1.5m and 2.0m), jack 
extension (100mm, 300mm and 600mm) and bay sizes (1x1, 3x3, 3x6 and 9x9). 
The results (Table 7.11) showed that the size of the system and the jack extension 
did not significantly affect the results. This can be seen by a maximum As to be 
expected, the system strength was most affected by the lift height because this 
was where the out-of-straightness was applied. Obviously in the larger lift height 
(2.0m), this effect was more pronounced, in fact for the 1.0m lift height, when the 
maximum out-of-straightness increased from the surveyed         to the 
arguably excessive code allowance of         , only a 1.35% reduction in 
strength was calculated from an average of the 12, 1.0m lift height, nominal 
models (see Table 7.11). However, in the larger 2.0m lift height, the same change 
in out-of-straightness yielded an 8.16% reduction in strength from an average of 
12 nominal models. Based on this parametric investigation, it was conservatively 
assumed that an appropriate value for nominal model out-of-straightness was    
    , as seen in Table 7.9. It must be noted that these tests did not change the out-
of-straightness in standards without spigot joints,         , since it was deemed 
that most of the reduction in system strength would be due to a standard with 
spigot joints that had a larger out-of-straightness of           . The results of the 
parametric study for each of the 36 nominal models investigated are in Appendix 
17. 
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7.7 Resistance Statistics 
 
Table 7.12 presents the results of system resistance after a comparison between 
the 36 Monte Carlo Simulations to the Nominal Model Results.  ̅    was the 
mean-to-nominal resistance ratio and COV was the coefficient of variation of 
resistance.  
Table 7.12: System Resistance Statistics Results  
  
100mm Ext 300mm Ext 600mm Ext 
Bay Size 
Lift 
Height 
 ̅    COV  ̅    COV  ̅    COV 
1 x 1 
1.0m 1.10 0.15 1.06 0.13 1.04 0.10 
1.5m 1.11 0.11 1.09 0.09 1.05 0.10 
2.0m 1.14 0.09 1.13 0.09 1.09 0.09 
3 x 3 
1.0m 1.06 0.12 1.04 0.10 1.03 0.08 
1.5m 1.07 0.10 1.05 0.07 1.03 0.06 
2.0m 1.13 0.10 1.11 0.08 1.05 0.08 
3 x 6 
1.0m 1.11 0.08 1.07 0.11 1.05 0.07 
1.5m 1.12 0.11 1.10 0.09 1.06 0.07 
2.0m 1.13 0.09 1.12 0.09 1.04 0.08 
9 x 9 
1.0m 1.10 0.07 1.06 0.07 1.03 0.06 
1.5m 1.12 0.12 1.10 0.10 1.03 0.08 
2.0m 1.12 0.12 1.10 0.13 1.03 0.08 
 
Table 7.12 presents a number of identifiable trends in the resistance statistics. 
Firstly, a decreasing mean-to-nominal resistance ratio ( ̅     with decreasing lift 
height occurred in all models. This trend was more prevalent in short (100mm) 
jack extension and small system size (1x1 Bay) and occurred due to the variation 
in yield stress (discussed below) that was incorporated into the Monte Carlo 
simulation models. For example, 1x1 Bay, 2.0m lift, 100mm jack extension has 
 ̅        , yet the same system with a 1.0m lift has  ̅        . As 
mentioned previously, the effect was less pronounced in the larger 9x9 Bay 
systems, where the redundancy of members was known to affect this trend and 
 ̅         and  ̅         for the same systems described above, but in the 
9x9 Bay configuration (Table 7.12). Secondly, a decreasing mean-to-nominal 
resistance ratio ( ̅     with increasing jack extension occurred in all models, 
such that there was a higher  ̅    ratio in all models with 100mm jack extension 
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compared to 300mm and 600mm jack extensions. The mean-to-nominal 
resistance values were  ̅          and  ̅          in the 3x6 Bay, 2.0m lift 
height model with 100mm and 600mm jack extension, respectively. This also 
occurred due to the variation in yield stress (discussed below) that was 
incorporated into the Monte Carlo simulation models. Thirdly, the COV 
decreased in all systems with an increasing lift height and increasing jack 
extension, and again, most of this variation was related to yield stress, except in 
the 9x9 Bay systems where the trend was reversed due to system redundancies 
which developed as the systems increased in size. This changing COV with 
increasing systems size can be seen in Table 7.12.  
The results showed that varying the jack extension and lift height produced the 
largest variance of  ̅    and COV, and hence these parameters should in fact 
dictate design. That is, systems with the same jack extension and lift height had 
similar mean-to-nominal ratios and coefficient of variation of system resistances, 
regardless of the size of the scaffolding systems (1 x 1 Bay, 3 x 3 Bay, 3 x 6 Bay 
and 9 x 9 Bay). Hence this phenomenon was used to categorise models, and can 
be seen in the probability-based design results described in Chapter 8, where a 
system resistance can be selected for any sized system based on its jack extension 
and lift height.  
 
7.7.1 Yield Stress Effect 
A parametric investigation was undertaken to understand the main cause of the 
large mean-to-nominal resistance   ̅   ) ratio in larger lift heights with low jack 
extensions. For example, the 2.0m lift height and 100mm jack extension had an 
 ̅    of 1.14, 1.13,1.13 and 1.12 for the 1x1, 3x3, 3x6, 9x9 systems, respectively. 
Due to the computational time required, a representative sample of models was 
investigated for a parametric investigation of yield stress, as seen in Table 7.13. 
The results of the parametric investigation showed that the larger  ̅    occurred 
because the shorter jack extension (and to a lesser extent longer lift height) caused 
the nonlinear material effects to be the dominant cause of failure. That is, the 
variation in yield stress of the steel jack (the grade of steel) became the main 
cause of failure, and combined with the other uncertainties, resulted in more 
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variable system strengths. The parametric investigation involved performing the 
same Monte Carlo simulation process described above, while changing the yield 
stress in the vertical standards and jacks from       to      . A comparison of 
Table 7.12 and Table 7.13 shows that the mean-to-nominal resistance  ̅    ratio 
decreased significantly when the yield stress was reduced by 10%. Furthermore, it 
was known that most of the 600mm jack extension models, particularly those with 
short 1.0m lift height, did not fail due to yield stress. This was clarified by the 
results of Table 7.12 which shows that the average  ̅    ratio was 1.045 for all 
600mm jack extension models. Furthermore, the variation in yield stress in these 
models did not affect the statistical results, which also explains the smaller COV 
in the 600mm jack extension models. 
The parametric investigation also determined that models with longer lift height 
and shorter jack extension
*
, suffered from high yield stress, which was the cause 
of failure, in fact the  ̅    increased from 1.10 to 1.14, 1.06 to 1.13, and 1.04 to 
1.09 by varying the lift height from 1.0m to 2.0m in the 1x1 Bay, 100mm, 
300mm, and 600mm jack extension models, respectively. Furthermore, the 
coefficient of variation of yield stress in the Monte Carlo simulation tended to 
dominate the COV of resistance. This was apparent in the high COV at lower lift 
heights, for example a COV of 0.15 and a COV of 0.09 in the 1x1 Bay, 100mm 
jack extension model with 1.0m and 2.0m lift height, respectively (seen in Table 
7.12). Furthermore, Table 7.13 shows that the high COV of 0.15 was reduced to 
0.10 in the 1x1 Bay, 100mm jack extension model with 1.0m lift height, when the 
variation in yield stress was excluded. This trend was also apparent for jack 
extension where a high COV occurred at a shorter jack extension, for example, a 
COV of 0.12 and a COV of 0.08 in the 3x3 Bay, 1.0m lift height model with 
100mm and 600mm jack extension, respectively (Table 7.12).  
 
 
 
 
                                                 
*
 It must be noted that the effect of jack extension was not tested but was 
understood intuitively.  
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Table 7.13: Parametric Investigation of Yield Stress       ) 
Bay 
Size 
Lift Height 
(m) 
100mm Jack Extension 
 ̅    COV 
1 x 1 
1 1.05 0.10 
1.5 1.04 0.10 
2 1.03 0.08 
3 x 3 
1 1.04 0.10 
1.5 1.04 0.09 
2 1.03 0.08 
 
These results were also confirmed by the analysis of the stress and strain results 
for 1m lift height and 100mm jack extension advanced analysis models, as 
described in Figure 7.9 and Figure 7.10. In fact at ultimate load, the stress and 
strain for both jacks and standards were in the plastic region for these systems, but 
for systems with 2m lifts or 600mm jack extensions, failure occurred when the 
standard or jack was in the elastic range and where elastic buckling induced final 
failure. These results were confirmed by the high and low fibre stresses in 100mm 
and 600mm jack extension, respectively. A visual confirmation of these high and 
low fibre stresses can be seen in Figure 7.9 and Figure 7.10. 
 
7.8 Conclusion  
 
Monte Carlo simulations were performed for each of the 36 finite element models 
in (Strand7, 2009) to determine the statistical distribution for the ultimate strength 
of support scaffold systems. The Monte Carlo simulations included uncertainties 
that were treated as random variables in order to obtain accurate statistics for 
system strength. The main uncertainties included: (1) initial geometric 
imperfections (out-of-straightness and out-of-plumb) (2) load eccentricity (3) joint 
stiffness and (4) geometric variation in standards and jacks. The Monte Carlo 
simulations showed that the size of a system generally does not have a significant 
effect. For models with similar lift height and jack extension, the mean strength 
increased slightly from 3x3 Bays to 9x9 Bays, indeed the total variability in 
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system strength reflected the contribution of model uncertainty (        ) and 
system strength uncertainty            in almost equal proportions. 
The left skew and larger scatter (larger COV) of the Monte Carlo simulation 
histograms (Figure 7.6 to Figure 7.8 and Appendix 16) at shorter top and bottom 
jack extension and short lift height was due to a high yield stress that caused 
failure. This high variation in the yield stress also tended to dominate the COV of 
system resistance in the affected models. It was also noted that in all the systems, 
the COV decreased as the jack extension increased since once again the yield 
stress played a less dominant role. The effect of yield stress was confirmed in a 
parametric investigation of high and low fibre stresses in the 100mm and 600mm 
jack extensions, respectively (See Figure 7.9 and Figure 7.10).  
A comparison of Monte Carlo simulations with the nominal model results allowed 
for a statistical derivation of the mean-to-nominal resistance. These results agreed 
with trends identified by other researchers (Chandrangsu, 2010). The mean-to-
nominal results also affect the system resistance factor          , which will be 
described in Chapter 8. 
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CHAPTER 8 – PROBABILITY ASSESSMENT AND 
LIMIT STATE DESIGN OF STEEL SUPPORT 
SCAFFOLDING SYSTEMS 
 
8.1 Introduction 
 
This chapter presents the probabilistic theory and parameters used to investigate 
the reliability of scaffold support systems to determine the resistance factors that 
can be used in advanced analysis according to the LRFD framework. The focus 
here is on performing a probability-based analysis of temporary steel scaffold 
systems to determine their resistance factors at a known reliability level using the 
LRFD gravity load combination equation:               , specified in 
Australian Standards (AS3610, 1995).  
Probability-based limit state design is a determination of load and resistance 
factors to ensure that a particular limit state has not been violated such that the 
design is deemed to perform in a safe and reliable manner. Where there is 
uncertainty, absolute reliability is an unattainable and uneconomical goal, but 
probability theory provides a framework for developing design criteria which 
ensures that the probability of failure is acceptable (Ellingwood, 1980). Reliability 
based design methods enable engineers to design safer and more economical 
structures by utilising accurate load and resistance factors developed using the 
statistics and reliability theory described herein. 
Probability based limit state design is vastly superior to traditional deterministic 
design methods (allowable stress design), the variability in system resistance and 
load can be considered explicitly and independently. Probability-based limit state 
design theory also enables the selection of more uniform and reliable load and 
resistance factors that are consistent with the desired level of performance, which 
also help to reduce costs (Ellingwood, 1980). The following section explains the 
fundamental theory of structural reliability and probability based design, while a 
more thorough explanation can be found in the literature review (Chapter 2). 
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8.2 Structural Reliability Theory 
 
Probability-based design and structural reliability theory provides a theoretical 
probabilistic framework for analysing uncertainties, addressing safety, and 
establishing a quantitative link between structural engineering and its social 
consequences (Ellingwood, 1994). The conceptual framework for structural 
reliability is determined from classical reliability theory, as described by 
(Freudenthal, 1956), (Ang, 1984), (Cornell, 1969) and (Ellingwood, 1980). 
Chapter 2 also has a section detailing reliability theory, but the relevant theory has 
been included herein for convenience. This theory is a basic mathematical model 
that enables the reliability of structures to be analysed from the load and 
resistance terms (which are assumed to be random variables). The basic concept 
of structural reliability is to determine the probability of failure      of the 
structure, as defined by: 
          ∫             
 
 
 .    (8.1) 
where R is the load carrying capacity or resistance of the systems,   is the effect 
of load, and both are modelled as random variables. Furthermore,        is the 
limit state function and the region of failure is found where          , as seen 
in Figure 8.1.       is the cumulative distribution function of resistance, and 
      is the probability density function of  . The mathematical model used to 
describe classical reliability theory can be seen in more detail in Chapter 2. 
The purpose of probability-based design is to develop a standard specification for 
structural analysis that provides the most efficient and cost effective balance 
between reliability and safety. Structural design specifications provide rules so 
that the reliability index     of a particular limit state achieves the required 
“target reliability”. The reliability index     is then a comparative number that 
approximately quantifies the probability of failure (  ) as follows: 
    [  ]       (8.2) 
where   is the standard normal distribution function. The reliability index     is 
the number of standard deviations between the failure point and the mean of M, 
Chapter 8 – Probability Assessment and Limit State Design  
    _____________________________________________________________ 
 
 
223 
      
     
where M =  ̅   ̅ as illustrated in Figure 8.1. Further information on reliability 
and probability theory is described in Chapter 2 and in (Galambos, 1988). 
 
 
 
 
 
 
 
Calculating    provides a basis for quantitatively measuring the structural 
reliability of steel scaffolding, and to do so the statistical data for load and 
resistance must first be determined. Once the load and resistance statistics are 
determined the first and second order moments (mean and variance) may be 
known. The method of first-order second-moment (FOSM) reliability analysis 
was developed to linearise the variables in Equation (8.1). The first-order 
reliability method (FORM) is also commonly used to perform the same task. 
Selecting an appropriate linearisation point is key and may be determined using 
either the ‘Mean Value Method’ or ‘Advanced Method’, described by others 
(Ellingwood, 1980). 
Current probability-based structural codes manage risk by utilising partial safety 
factors in the Load Resistance Factor Design (LRFD) equation:   
          ∑           (8.3) 
where    is the nominal strength of the system determined by advanced analysis, 
    are the nominal loads,         is the system resistance, and    are the load 
factors. Critically, since the load factors      for a dead and live load are known 
from the design standards (AS3610, 1995), the system resistance factor           
can be determined from reliability analysis using FORM or FOSM, to achieve a 
target reliability index for the scaffold system.  
FORM was utilised in this investigation because it is better at calculating the 
reliability index or the system strength, and takes the actual distributions of 
R-Q 
Mean (R-Q) 
P (R < Q) or P (failure) 
Figure 8.1 Explanation of Beta and Probability of Failure 
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random variables (including non-normal distributions) into account, while FOSM 
assumes that random variables are normally distributed and uncorrelated. The 
basic theory of FORM was presented in the literature review (Chapter 2) and 
essentially entails an iterative process to obtain the system resistance factor 
         . The FORM flowchart documented in Appendix 18 describes the 
iterative process used to determine          . The calculation of         using 
the FORM methodology is described in Equation (8.4).  
         
                    ⁄⁄
      ⁄
   (8.4) 
Note that only the gravity load combination (dead and live loads) was considered 
in this research. Furthermore, a complete description of FOSM and FORM was 
documented in the Literature Review (Chapter 2), (Melchers, 1999) and (Nowak, 
2000). More information on reliability and performance based design can be 
found in (Moan, 1997) and (Wen, 2001). 
To identify an appropriate target reliability      a desired probability of failure 
must first be determined. By investigating acceptable levels of risk in current 
structures and standards as well as analysing the associated “target beta” of each 
risk, the current lack of data regarding the system reliability index (       )   can 
be addressed. The following chapter contains three distinct sections: 
1. Determining system risk and reliability            
2. Presenting statistics for load and resistance  
3. Calculation of system resistance           
 
8.3 Risk and Reliability 
 
Continued research into risk and reliability has ensured that incremental changes 
to codes of practice occur such that the design of structures provides an acceptable 
level of safety. The fact that there has not been vast collapses or losses indicates 
that standards are delivering structures with an ‘acceptable level of risk’ (Duckett, 
2004), but this must be considered with the notion that the use of code calibration 
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as the basis for the first-generation of limit state design, prevented the question of 
what is acceptable risk from being determined (Ellingwood, 2001).  
Current probability-based design standards manage risk by utilising the partial 
safety factors in the Load and Resistance Factor Design (LRFD) Equation, 
          ∑     . The load factors      for dead and live load are known 
from the design standards (AS3610, 1995), the system resistance factor           
can be determined from reliability analysis using FORM or FOSM to achieve a 
target reliability index (       ) for the scaffold system. Determining an 
appropriate target reliability index (       ) is imperative in order to quantify an 
acceptable level of risk to apply to steel scaffolding systems. An acceptable level 
of risk means that the likelihood, consequences, and context of risk is minimised 
(Elms, 1992). The ability to quantify an acceptable level of risk and therefore 
determine an appropriate target reliability index (       ) is an ethical dilemma, 
not just an engineering problem. The ability to have zero risk of failure in a 
structure is not economically justifiable. Structural codes and design practice are 
therefore aimed at providing levels of safety that the public finds ‘socially 
acceptable’ (Ellingwood, 2001). This ability to determine what is ‘socially 
acceptable’ is the responsibility of structural standard committees, particularly 
considering that collapses of structures have resulted in economic and human 
losses. This chapter has utilised engineering judgement and public expectations of 
acceptable levels of risk to determine the appropriate probability of failure and 
        values for steel support scaffolding systems. This is a complex process 
due to the very low probabilities of failure being compared, the consequences of 
failure of these structures, and the distinct lack of supporting statistical data. 
Current codes of practice, such as the Australian Standards (AS3610, 1995) and 
American Standards (ASCE, 2005), are founded on performance measurements 
expressed as notional reliabilities of structural components (Ellingwood, 2001). 
However, instead of using probabilistic techniques for risk analysis and reliability 
index           determination, these notional reliabilities were developed from a 
calibration exercise of the current codes to past practice or by engineering 
judgement. Therefore, the purpose of this chapter is to determine an appropriate 
system reliability index           for steel scaffold systems so that system 
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resistance factors           can be determined such that the probability of failure 
of steel scaffolding is at an acceptable level. For the purpose of this research a 
target reliability index will be determined by: 
o Analysing socially acceptable and structural engineering risks 
o Understanding previous failure rates in civil structures 
o Investigating the effects of         and        . 
 
8.3.1 Societal Risks 
To determine an acceptable level of risk, an investigation of the reliability index 
for risks experienced by individuals in everyday life (societal risks), was 
undertaken. The advantage of using data which measures everyday risks is the 
large amount of statistical data available, as summarised in . 
 
Table 8.1 Everyday Risks and its associated beta-value (Adopted from (Ellingwood, 2001)) 
Everyday Risk Mortality Rate Per 
Annum 
Mortality Rate (US) 8.6 x 10
-3
 
Smoking 3.6 x 10
-3
 
Cardiovascular Disease 3.57 x 10
-3
 
Cancer  2 x 10
-3
 
Car Accident 1.8 x 10
-4
 
Homicide 1.1 x 10
-4
 
Home accidents 1 x 10
-4
 
Commercial Air Travel 1.5 x 10
-5
 
 
 
The overall mortality rate per annum in the US is 8.6 x 10
-3
, indicates that 8.6 out 
of every 1000 people will die per year. Of these 8.6 people in every 1000; 3.6 die 
from smoking, 3.57 die from cardiovascular disease, 2 will die of cancer, 0.2 die 
in a car accident, 0.11 die by homicide, 0.1 die from an accident at home and 0.02 
die in a commercial plane (that is, 2 people in every 100, 000). Note that the   
Value was calculated from cumulative distribution function tables. Although the 
mortality rate and target reliability index may not be intrinsically linked, the 
associated target reliabilities ( ) seen in  are comparable to target reliabilities in 
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structural systems. The above results are critical when deciding on an appropriate 
beta value. Furthermore, some of these risks may be avoidable and unavoidable; 
avoidable risks are those that individuals can take action to prevent or avoid, such 
as smoking, which brings an individual the highest probability of failure (death). 
In fact, one is almost twice as likely to die from smoking as from cancer 
(obviously excluding cancers caused by smoking). The chances of death as a 
result of smoking are highly publicised in the media so it is reasonable to assume 
that everyone knows the risks and consequences of smoking, and yet it is still 
regarded as a ‘socially acceptable’ activity and has an associated        
(Ellingwood, 2001). This value is not being directly compared to the target 
reliabilities of scaffolding systems, but it does serve as a guide for what is 
generally accepted as a avoidable, albeit socially acceptable risk.  
 
8.3.2 Structural Engineering Risks 
Structural engineers in the design of permanent structures such as bridges and 
buildings are required to balance economical design with an acceptable level for 
the risk of failure. Typically, the design of temporary structures requires unique 
designs where the statistical uncertainty of load is common (Chapter 3), and 
although individual member capacities can be tested, repeat testing of an entire 
system or structure is not possible, feasible, or economically justifiable.  
The failure rates of permanent structures are often published with estimates of 
building collapse being generally less than the 10
-5
/yr (Ellingwood, 2001). One 
way to establish a target reliability index (       ) is to calibrate to the safety 
level implied by existing codes. The following section discusses the establishment 
of a target reliability index (       ) for steel support scaffolding systems. 
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8.4 System Reliability and the Reliability Index 
8.4.1 Quantifying Risk 
As noted earlier, a common method for quantifying risk is the concept of a target 
reliability index known as  . A review of the probability of failure values for 
different structures was described in Chapter 2 where it was identified that the 
probability of failure is often calculated for permanent structures but rarely for 
temporary structures. To accurately determine an appropriate   value for 
temporary structures, literature regarding the probability of failure must first be 
identified, and then these failure probabilities can be converted to a target 
reliability index   using the Equation (8.2). 
Previous researchers have considered the problem of determining an appropriate 
reliability index for temporary structures, indeed it is evident from the extensive 
volume of literary findings regarding target reliability that earlier research has 
focussed on individual member design and member target reliability. However, 
advanced analysis enables the behaviour of the entire system to be considered, 
rather than individual members. Recently, international researchers have focussed 
on the behaviour of the full system, specifically probability-based design and 
performance-based design that investigates the structural behaviour at a system 
level. It is known that the first generation of probability-based structural codes 
have reliability indices greater than or equal to 2.8, based a 50 year recurrence 
interval (Galambos, 1982). 
 
8.4.2 Member Reliability Findings 
The findings from a literature review that describes member (element) reliability 
indices    , can be seen in . It is suggested that most flexural and compression 
steel members tend to fall within the range              for combinations of 
dead and live load (Ellingwood, 1980), indeed there is general professional 
agreement that members designed within these reliability bounds will perform 
satisfactorily under load.  
In a study involving the calibration of load and resistance factors for wooden wall 
formwork members (Kennedy, 1991), a target reliability of       was proposed 
as the basis of calibrating load factors for American Concrete Institute (ACI) 
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concrete pressure equations. Further, (El-Shahhat, 1994) suggested a target 
reliability of              as the basis for developing load combinations for 
buildings during construction. Australian Standards require that the resistance 
design of vertical steel standards must comply with either: (AS4100, 1998) or 
(AS4600, 2005). It is generally accepted that a target for   should achieve given 
levels of safety consistent with past practice (Ferguson, 2003). Hence, the design 
rules from (AS4600, 2005) are intended to achieve a target reliability index 
     . This low target reliability index is the same as the target index set for the 
AISC LRFD Specification (AISC, 1993), whereas the design rules for members in 
(AS4100, 1998) are based on a higher target index,      . Note that this value 
was set after the statistical analysis of steel beams and columns designed to AS 
1250 (Pham, 1986) were considered. In a study of steel and concrete members 
designed by first-generation probability-based codes, it was found that reliability 
indices were greater than or equal to 2.8 based on the maximum event occurring 
in 50 years (Galambos, 1982). 
The results of member reliability findings from this literary review (summarised 
in ) are generally within             . 
 
8.4.3 System Reliability Findings 
 
It is suggests that a system has failed when it exceeds a limit state in one of its 
elements (Galambos, 1988). An element could be a weld, joint, member, bolt, or a 
whole frame failing as a plastic mechanism. Since the reliability index     is a 
number that quantifies the probability of failure, the aim is to have a specification 
for structures with uniform reliability. A structural system has its own separate 
criteria of reliability and assessing each individual member still may not reveal 
the reliability of the whole system (Galambos, 1988). The complexity of system 
reliability manifests itself in questions about the consequences of failure, the 
system’s redundancy and the correlation between members. That is, will the 
failure of one element or member result in the failure of the entire system?  
A bridge that is designed as a non-redundant structure will fail catastrophically if 
a single member failure occurs. New LRFD bridge design standards (AASHTO, 
Chapter 8 – Probability Assessment and Limit State Design  
    _____________________________________________________________ 
 
 
230 
1994), are based on a seventy-five year maximum load recurrence interval, which 
corresponds to a beta of 3.5 (Ellingwood, 2001). However, on a yearly basis, a 
member in that bridge (for example, a girder) would be expected to fail 3 x10
-6
 
times per year, yet due to the non-redundancy of bridge design, the entire system 
(bridge) would be expected to fail 3 x 10
-5
 times per year. This is intuitive because 
a higher probability of failure occurs in a non-redundant structure since in a 
system of one hundred members the chance of failure of one of those members is 
significantly higher. However, for redundant systems where the failure of a 
member will not result in a catastrophic collapse, the opposite is the case. That is, 
(Ellingwood, 2001) suggested that if a bridge was designed to be redundant, the 
probability of member failure 3 x10
-6
 would result in the probability of bridge 
failure being reduced by one order of magnitude to 3 x10
-7
.  
The scaffolding systems being analysed in this research however, are semi-
redundant structures capable of redistributing loads if a member fails. As 
discussed above, for redundant structures the probability of failure of a system is 
one order of magnitude less than the probability of failure of an individual 
member (the exact opposite of a non-redundant system) (Ellingwood, 1994). 
Therefore, the reliability of scaffolding systems is higher than individual 
components but to an unpredictable degree (Moses, 1990). The findings of system 
reliability from this literary review () are generally within             .  
Compared to buildings or bridges, the consequences of scaffolding collapse are 
much less severe, and because they are temporary, it is not practical or 
economical to design a scaffolding system using the same reliability index for a 
building with a service life of 50 years (Zhang, 2009). This means that a target 
reliability     for scaffolding systems must be determined by considering their 
semi-redundant nature, lower consequences of failure, and their temporary nature. 
 
8.4.3.1 System Reliability in Design Standards 
Most current design standards do not specify target reliability indices for system 
design so the following section identifies the literature that does consider system 
reliability. Eurocode 1 (BS/EN1991_1-7, 2006) provides minimum recommended 
values for the reliability index    , and although this refers to permanent 
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structures they can be used as a reference for temporary structures, particularly for 
structures in Reliability Class 1 (RC1) which are defined as having ‘low 
consequences for loss of human life and economic, social or environmental 
consequences being small or negligible’. Eurocode 1 (BS/EN1991_1-7, 2006) 
suggests       and       for RC1 systems with fifty year and one year 
reference periods, respectively. Furthermore, (Diamantidis, 2006) has proposed 
target reliabilities and probabilities of failure for the design of new structures that 
are moderately applicable to temporary structures and proposes a           
      for new structures with a minor consequence of failure. New structures 
with a moderate consequence of failure are suggested to have a           
     .  
The American Society of Civil Engineers (ASCE/SEI7-10, 2010) provides 
guidance on the target reliabilities for temporary structures where a temporary 
structure is deemed to fall under Risk Category I, for buildings where there is no 
human occupancy or if so, for a very short time. The ASCE Standard provides a 
reference table C1.3.1a for acceptable reliability (maximum annual probability of 
failure) and associated reliability indexes     for load conditions that do not 
include earthquakes. The table defines                    
       for 
“failure that is not sudden and does not lead to wide-spread progression of 
damage”. It must be noted that “failure which is either sudden or leads to wide-
spread propagation of damage”, in Occupancy Category I has a           
              . The reliability indices documented in (ASCE/SEI7-10, 2010) 
provide the best guidance on the target reliabilities for temporary structures.  
below summarises the main findings of target reliability for both temporary and 
permanent structures, and for both members and systems.  
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Table 8.2: Summary of lifetime target reliability indices in literature 
Researcher(s) Structural type Target reliability Justification 
(Ellingwood 
and Galambos, 
1982) 
Steel tension member 
(yield) 
3.0 (member) 
Existing loading 
criteria for 
(  /      ) 
 
Steel beam 2.5 (member) 
Steel column 
(intermediate 
slenderness) 
3.5 (member) 
Reinforced concrete 
beam 
3.0 (member) 
Reinforced concrete 
tied column 
3.5 (member) 
Masonry unreinforced 
wall in compression 
5.0 (member) 
(AISC, 1986) 
Steel beam 2.6 (member) 
Code calibration 
to existing 
design 
Steel column 2.7-3.6 (member) 
Connection 4.0-6.0 (member) 
Australian 
Standards 
(AS4100, 
1998) 
Steel Members 3.5 (member)  
American 
Society of 
Civil 
Engineers 
(ASCE/SEI7-
10, 2010), 
Temporary structures 
(Risk Category I) 
2.5 (system) 
Failure that is 
not sudden and 
does not lead to 
wide-spread 
progression of 
damage 
American 
Society of 
Civil 
Engineers 
(ASCE/SEI7-
10, 2010), 
Temporary structures 
(Occupancy Category 
I) 
3.0 (system) 
Failure which is 
either sudden or 
leads to wide-
spread 
propagation of 
damage 
(Zhang et al., 
2001) 
Pile groups 3.0-3.5 (system) 
Common range 
of reliability of 
shallow 
foundations 
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continued 
Researcher(s) Structural type Target reliability Justification 
(Li and Li, 
2004) 
Steel portal frames 
with tapered members 
3.70 (system) 
Typical value 
for frame 
structures 
(Sivakumar 
Babu and 
Basha, 2008) 
Cantilever retaining 
walls 
3.0-3.2 (system) 
Acceptable 
reliability index 
for civil 
engineering 
structures 
(Galambos, 
1990) 
Frame instability 
under factored gravity 
loads 
4.0 (system) 
Little assistance 
from non-
structural 
components 
Frame instability 
under factored gravity 
loads with cladding 
3.0 (system) 
Resistance 
against side-way 
buckling 
Rigid frame 2.5 (system) 
Design to fail as 
a plastic 
mechanism 
Eurocode 1 
(BS/EN1991_
1-7, 2006), 
Reliability Class 1 
(temporary structures) 
3.3 (system) 
50 year 
reference period 
(Diamantidis, 
2006) 
For design of new 
structures with a 
minor consequence of 
failure 
3.1 (system) New Structures 
 
 
8.4.4 Interview with Reliability Expert 
The author of this thesis interviewed Professor Bruce Ellingwood, a known 
authority on reliability, to aid in the determination of an appropriate reliability 
index for temporary scaffold structures. Having studied reliability for over twenty 
five years and written numerous papers on the subject (many are referenced here), 
the professional opinion of Professor Ellingwood was considered vital to this 
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research. Ellingwood noted that other researchers have suggested that the failure 
rate or probability of failure should be constant. This would provide a basis for 
determining the reliabilities for any period, in comparison to a benchmark period 
such as 0.001 in 50 years. However, a constant failure rate requires two 
assumptions: (a) The load and resistance processes are both stationary (this is 
required to convert a fifty year reliability to a twenty year reliability), and (b) the 
consequences of failure are invariant in time and are identical to the benchmark 
consequences. But since we are dealing with construction loads Ellingwood 
suggested that (a) and (b) “present significant obstacles”. 
Ellingwood also suggested there is an inability to correlate serviceability 
probabilities and safety reliabilities because they were determined independently 
of each other while establishing the code. This means it is impossible to compare 
or couple     in a 50yr service life with a limited state probability of 10-5 per 
year. Note also that while trying to key the scaffold reliabilities to target 
reliabilities that are known with some confidence might be tempting, it might not 
be the best long term solution. Scaffold failures have human consequences (death 
and injury to construction workers) and economic consequences so the approach 
taken for serviceability was not good enough. It could be argued that construction 
workers incur risk voluntarily and their salaries partially compensate them for 
these risks, so backing down from a beta used for buildings and bridges (  
        ) where the risks incurred are clearly involuntary, may be overly 
conservative. It is obvious that the reliability of scaffolds need not be as high as 
buildings or bridges because of the voluntary risk incurred and the difference in 
economic impact. On the other hand, the serviceability level reliabilities are 
probably too low because human lives are at stake.  
 
8.4.5 Target Reliability  
When the above sections relating to the probability of failure and target reliability 
indices are considered, a target reliability index (   for new structures with low 
consequence of failure is generally between (            ), whereas researchers 
found that the (   for an entire system was between (             ), as  shows. 
Intuitively, the consequences of failure due to scaffolding collapse are less severe 
than when a permanent structure at full occupancy with a 20 to 50 year 
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serviceability design life collapses. Although this thesis assumes that scaffolding 
systems are semi-redundant due to their load redistribution abilities, the 
scaffolding industry is very competitive which means they are designed to 
withstand ultimate loads at the lowest possible cost. As such, the number of non- 
critical members is unknown and thus the level of redundancy is uncertain.  
An acceptable probability of failure for these temporary steel scaffolding systems 
can be determined by considering the above findings, including member 
reliability (), the reduced consequences of failure and potential casualties, the 
temporary nature of scaffolding, current design reliability recommendations 
((ASCE, 2005), (AASHTO, 1994), (AISC, 1993), Eurocode 1 (BS/EN1991_1-7, 
2006)), current literary findings (Galambos, 1988) and Ellingwood (2001)), and 
the semi-redundant properties of scaffolding systems. Furthermore, Professor 
Bruce Ellingwood suggested that the concept of a fifty year reliability used for 
buildings or bridges is not meaningful for a scaffold system. Therefore, 
converting a fifty year reliability index     to a monthly reliability index     was 
not the way to approach the problem. Instead, a target reliability index for 
scaffolds should be between those for ultimate limit state design (  =3 to 3.5) and 
serviceability limit state design (  =1.5). 
Finally, previous research (Chandrangsu, 2009b) identified that current scaffold 
design leads to a beta in the range of 2.5 to 3.0, which is also consistent with the 
suggested values in Table C1.3.1a of ASCE 7-10. Therefore, based on all the 
information available, a conservative target reliability index equal to   =2.7 is 
used in this thesis to determine system resistance and probability.   
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8.5 Statistics for Load and Resistance 
 
8.5.1 Load Statistics  
The statistics for dead and live load were calculated in Chapter 4 from 188 shore 
investigations. Furthermore, considering past research regarding dead and live 
construction load, as discussed in Chapter 3, it was conservatively assumed for 
probabilistic analysis to use the statistics described in  in the FORM analysis of 
       . 
Table 8.3: Conservative statistical assumptions for probabilistic analysis (Reynolds, 2013) 
Load 
 
Mean-to-nominal 
value 
 ̅    
Coefficient of 
variation 
COV 
Probability 
distribution 
Dead 1.05 0.3 Normal 
Live 0.85 0.6 Type I extreme value 
 
Note that for FORM analysis of         utilising the American Standard for 
‘Design Loads on Structures being Constructed’ (ASCE/SEI37-02, 2002), the 
nominal live load requirement is 2.4 kPa and hence the  ̅         and COV 
remains the same. 
 
8.5.2 Nominal Live to Dead Ratio 
One requirement for FORM analysis and probability based design is the nominal 
live to dead load ratio         during concrete pouring when 74% of failures 
occur (Hadipriono, 1987). Typical       ratios for reinforced concrete structures 
are generally between 0.5-1.5 (Ellingwood, 1980). (Zhang et al., 2012) considered 
a nominal live-to-dead load (  /  ) ratio between 0.3 and 0.7 and used a 
representative value for   /       for target reliability calculations. However, 
in Chapter 4 and (Reynolds, 2013), the nominal live to dead load ratio was 
determined from an average of 188 shores in ten site. Hence             will 
be used for the FORM determination of system resistance          . Note that 
the weight of concrete is considered a dead load      not a live load (Q), as 
prescribed by the Australian Standard (AS3610, 1995). Note too for FORM 
analysis of         utilising the American Standard for ‘Design Loads on 
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Structures being Constructed’ (ASCE/SEI37-02, 2002), the nominal live load was 
2.4 kPa and hence              . 
 
8.6 System Resistance Factor Calculation 
 
The Australian Standard for structural steel design (AS4100, 1998) allows for 
design by advanced analysis but the Australian Standard for scaffolding systems 
(AS3610, 1995) contains no guidance in determining an appropriate system 
resistance factor (       ) for the LRFD equation.  
However, it is possible to determine the system resistance factor           for 
various combinations of support scaffolding systems using the FORM procedure 
and the LRFD design formula proposed by the Australia Standard (AS3610, 
1995),                                     The following results utilised 
the derived parameters described previously to determine the system resistance 
factors           for various steel scaffolding systems. In summary and for 
convenience, these derived parameters are a system reliability index          
    , a nominal live-to-dead load ratio            ,  ̅  ̅         as well as 
new live and dead load statistics; ( ̅                  and   ̅    
             .  
A summary of the FORM reliability analysis procedure used to determine the 
system resistance factor           can be found in the Literature Review (Chapter 
2) and the procedure used for the          calculation is in Appendix 18. The 
iterations of FORM calculations were completed in a spread sheet which was then 
used to derive the system resistance results based on a known LRFD equation and 
target reliability index. The results are in .  
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8.6.1 System Resistance Factor Results 
 presents the system resistance factor           results of the FORM investigation 
based on the LRFD limit state equation,            (AS3610, 1995)  and a 
target reliability index of      . The resistance statistics (including the mean-
to-nominal resistance and COV) are in Chapter 7.   
 
Table 8.4: System Resistance Factors for All support scaffold systems (Using LRFD equation      
     and      ) 
  
100mm Ext 300mm Ext 600mm Ext 
Bay 
Size 
Lift 
Height 
 ̅
    
COV         
 ̅
    
COV         
 ̅
    
COV         
1 x 1 
1.0m 1.10 0.15 0.69 1.06 0.13 0.69 1.04 0.10 0.71 
1.5m 1.11 0.11 0.74 1.09 0.09 0.75 1.05 0.10 0.73 
2.0m 1.14 0.09 0.79 1.13 0.09 0.78 1.09 0.09 0.72 
3 x 3 
1.0m 1.06 0.12 0.70 1.04 0.10 0.71 1.03 0.08 0.72 
1.5m 1.07 0.10 0.73 1.05 0.07 0.74 1.03 0.06 0.74 
2.0m 1.13 0.10 0.77 1.11 0.08 0.78 1.05 0.08 0.73 
3 x 6 
1.0m 1.11 0.08 0.78 1.07 0.11 0.72 1.05 0.07 0.74 
1.5m 1.12 0.11 0.75 1.10 0.09 0.76 1.06 0.07 0.75 
2.0m 1.13 0.09 0.78 1.12 0.09 0.77 1.04 0.08 0.73 
9 x 9 
1.0m 1.10 0.07 0.78 1.06 0.07 0.75 1.03 0.06 0.74 
1.5m 1.12 0.12 0.74 1.10 0.10 0.75 1.03 0.08 0.72 
2.0m 1.12 0.12 0.74 1.10 0.13 0.71 1.03 0.08 0.72 
 
 
 shows that the common patterns in mean-to-nominal resistance ratios ( ̅     and 
coefficients of variation (COV) from the 36 Monte Carlo simulation models 
(Chapter 7) were also perpetuated in the calculated system resistance          . 
Firstly, as the lift height increased so does the system resistance factor for all jack 
extensions and all sized systems except the 9x9 Bay systems. A similar trend was 
identified in ( ̅     and (COV) from the Monte Carlo simulation models 
(Chapter 7), and it is known that this is a yield stress related issue. That is, models 
with shorter lift height and shorter jack extension suffered from high yield stress 
which caused failure. Therefore, the contribution of yield stress       to the 
Monte Carlo simulation tended to dominate the COV statistic, as the high COV at 
lower lift heights reveals. As such, models with a shorter lift height typically have 
a lower system resistance. This trend is evident from              and 
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             in the 1 x 1 Bay, 100mm jack extension model with 1.0m and 
2.0m lift height, respectively. This trend was also evident in the jack extension. 
The results indicated that COV decreased as the jack extension increased (), again 
since the jack succumbed to yield stress failure.  
The results in  indicate that varying the jack extension and lift height produced the 
largest variance of  ̅    and COV and hence these parameters should in fact 
dictate design and system resistance (         determination. That is, systems 
with the same jack extension and lift height had similar mean-to-nominal ratios 
and coefficient of variation of system resistances, regardless of the size of the 
scaffolding systems (1 x 1 Bay, 3 x 3 Bay, 3 x 6 Bay and 9 x 9 Bay). Hence this 
phenomenon was used to categorise models, as  shows, and a system resistance 
could be chosen for any sized system based on its jack extension and lift height. 
The values for  ̅    and COV contained in  were developed from an average 
across system sizes. 
 
Table 8.5: System Resistance Factors independent of System size (Using LRFD equation           
and      )  
 
Jack Extension - 100mm 
Lift 
Height  
 ̅    COV         
1.0 1.09 0.11 0.731 
1.5 1.10 0.11 0.738 
2.0 1.13 0.10 0.769 
 
Jack Extension - 300mm 
1.0 1.06 0.10 0.722 
1.5 1.08 0.09 0.745 
2.0 1.12 0.10 0.762 
 
Jack Extension - 600mm 
1.0 1.04 0.08 0.727 
1.5 1.04 0.08 0.727 
2.0 1.05 0.08 0.734 
 
 
In all the models investigated () there was a small range of system resistances, in 
fact the system resistance for all models was between                      . 
This phenomenon was not expected and occurred because the mean-to-nominal 
resistance ( ̅     increased with increasing lift height and jack extension and the 
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corresponding COV value decreased, which effectively caused similar resistances 
in all the systems. This small variation in system resistance made a valid 
argument for a single resistance factor for all scaffold systems regardless of lift 
height, jack extension, or bay size, and therefore an averaged and appropriate 
system resistance value would be              for all the models investigated. 
This is a positive result for the research community because a single system 
resistance value is much easier for the formwork industry to adopt when 
designing steel scaffolding systems. It is clear that              applies to 
scaffolding systems of all sizes up to 9x9 bays, all size jack extensions up to 
600mm, and 1.0m, 1.5m and 2.0m lift heights. Therefore this         essentially 
applies to most system configurations used by formwork designers.  
 
8.6.2 System Resistance and Reliability Index Selection 
A parametric investigation was performed to understand the effect of resistance 
factor selection (                             ) on the reliability index 
          at certain live-to-dead load    /    ratios. The statistical parameters 
used for this investigation are in . This investigation also sought to determine the 
variation in target reliability level at different    /    values for given system 
resistance (        , which potentially could occur at different stages of the 
construction cycle, as described in Chapter 4. The results of this parametric 
investigation can be seen in Figure 8.2, Figure 8.3, and Figure 8.4; which describe 
the relationship at 100mm, 300mm, and 600mm jack extensions, respectively for 
the 1.5m lift height model. These figures indicate there is a distinct relationship 
between the target reliability index           and the   /   ratios. Figure 8.2, 
Figure 8.3 and Figure 8.4 show that         was high at low   /   ratios, but as 
  /   increased         slowly decreased from   /       onwards. This result 
was expected because a live load has the greatest variability (COV of 0.6) and 
thus uncertainty, compared to a relatively more certain dead load component 
(COV of 0.3). That is, as   /   increased the live load has a higher variability 
resulting in a greater uncertainty that results in a higher probability of failure and 
a lower        . 
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There was a sharp decrease in reliability (higher probability of failure) below a 
  /        due to the dead load having a high level of variation (COV of 0.3), 
and then dominating the LRFD equation. This must be managed because it is 
possible to have low   /   ratios in much thicker slabs. The results of the 
graphical system reliability for all three systems at all three jack extensions are in 
Appendix 20. Furthermore, the Matlab® program used to derive these graphs can 
be seen in Appendix 19. 
 
Table 8.6: Parameters used for System Reliability Investigations. 
Representative Parameter Notation Value 
Beta         2.7 
COV Resistance (varies)      0.09 
Mean-to-Nominal Resistance 
(varies) 
 ̅    1.08 
COV Dead Load      0.3 
Mean-to-Nominal Dead Load  ̅    1.05 
COV Live Load      0.6 
Mean-to-Nominal Live Load  ̅    0.85 
Live load partial factor    1.5 
Dead load partial factor    1.25 
Nominal Live-to-Dead Ratio   /   0.2 
 
 
Figure 8.2: Scaffolding System Reliability – 1.5m, 100mm jack extension (R=1.10 COV =0.11) 
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Figure 8.3: Scaffolding System Reliability – 1.5m, 300mm jack extension (R=1.08 COV =0.09) 
 
 
Figure 8.4: Scaffolding System Reliability – 1.5m, 600mm jack extension (R=1.04 COV =0.08) 
 
8.6.3 Practical Design Equations (Limit State Design) 
Although designing a scaffolding system with a different system resistance factor 
for a particular jack extension and lift height or bay size is more efficient, it would 
over complicate the design and may also increase a designer’s liability because 
the form workers who installed the system may be confused. As such, a single 
design equation is most applicable.  
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The above system resistance factor determination using the FORM procedure 
used the current LRFD limit state equation given in the Australian Formwork 
Standard (AS3610, 1995):                 , where         is the dead 
load partial factor and        is the live load partial factor. The most suitable 
system resistance value was              for all the models investigated, such 
that the new design equation to be used in the current limit state gravity load 
combination for the Australian Standards (AS3610, 1995) is: 
                         (8.6) 
A further investigation was undertaken to determine how significant this research 
would be on other design equations such as the American Standard for ‘Design 
Loads on Structures being Constructed’ (ASCE/SEI37-02, 2002) and the 
allowable stress design (ASD) equation for (AS3610, 1995). The results of this 
analysis are in Table 8.7 and the adopted        values were used to produce 
new design equations for these design standards, as Table 8.8 shows. Table 8.7 
demonstrates that        does not vary significantly across all lift heights and 
jack extensions. 
Table 8.7: System Resistance Factors for different design standards using FORM procedure and 
             
Design Standard AS3610 ASCE 37 ASD 
Jack Extension-100mm 
1.25G + 
1.5Q 
1.2 + 1.6 (Using 
2.4kPa) 
1.0G + 
1.0L 
Lift 
Height 
 ̅
    
COV          
1.0m 1.09 0.11 0.731 0.749 0.565 
1.5m 1.10 0.11 0.738 0.756 0.571 
2.0m 1.13 0.10 0.769 0.786 0.595 
Jack Extension-300mm 
   1.0m 1.06 0.10 0.722 0.737 0.558 
1.5m 1.08 0.09 0.745 0.761 0.577 
2.0m 1.12 0.10 0.762 0.779 0.59 
Jack Extension-600mm 
   1.0m 1.04 0.08 0.727 0.74 0.563 
1.5m 1.04 0.08 0.727 0.74 0.563 
2.0m 1.05 0.08 0.734 0.747 0.568 
Average         0.74 0.76 0.57 
Adopted         
0.75 0.75 0.6 
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Table 8.8: New Design Equations with resistance factors (limit state design) 
Design Standard Current Load 
Combinations 
Phi (   factor associated 
with load combination 
(AS3610, 1995)                                  
(ASCE/SEI37-02, 
2002) 
            
(Using 2.4kPa) 
                   
 
 
The new LRFD design equations in  would be useful in the Australian Formwork 
Standards (AS3610, 1995) where a design engineer could design a scaffolding 
structure with a             by ensuring that a resistance factor no greater 
than  = 0.75 was used and no jack extension exceeded 600mm on site.  
 
8.6.4 Practical Design Equations (Permissible Stress Design) 
The Australian Formwork Design Standard (AS3610, 1995) permits the allowable 
(permissible) stress method to be utilised in design. It would be better if the 
industry adopted the limit state design methodology. However, the allowable 
stress method has been traditionally used by formwork designers and involves the 
use of a safety factor such that:  
  
  
            (8.7) 
A safety factor for the design of steel scaffolding systems of         would be 
applicable. This is calculated from the last column of Table 8.7 as the inverse of 
the average system resistance (         of 0.57. This is an important result for an 
industry which is generally resistant to change (that is, not confident in using limit 
state design equations). Thus this safety factor could be used if design by a 
working load limit or allowable (permissible) stress was still required by the 
formwork engineer. This safety factor can be applied to the current allowable 
stress design equation of the Australian Formwork Standards (AS3610, 1995), as  
shows. 
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Table 8.9: New Design Equation with resistance factor (allowable stress design) 
Design Standard Current Load 
Combinations 
Phi (   factor associated 
with load combination 
Allowable Stress 
Design (AS3610, 1995) 
                              
 
 
8.7 Conclusion  
 
This chapter has presented the probabilistic theory and parameters used to 
investigate the reliability of support scaffold systems to derive appropriate system 
resistance factors used in design by advanced analysis. This was done in 
accordance with an LRFD gravity load limit state equation:               , 
proposed by the Australian Standards (AS3610, 1995). 
This chapter has reviewed the current probability of failure accepted in the 
literature for temporary and permanent structures, including both academic and 
design standard publications. The probability of failure findings were 
complemented with a literary review of target reliability indices     where it was 
found that       is the most appropriate reliability index for steel scaffolding 
systems. Furthermore, accurate statistical loading data (Chapter 4) was 
incorporated along with newfound resistance statistics (Chapter 7) to determine 
the most appropriate system resistance factor.  
It was determined, based on this limit state equation and a FORM calculation, that 
the most appropriate system resistance factor that can be used for any sized 
system and any jack extension up to 600mm is             . As such, a 
potential design equation to be used in the current limit state gravity load 
combination for the Australian Standards (AS3610, 1995) is: 
                         (8.8) 
The scaffold industry is resistant to change and currently designs by allowable 
(permissible) stress methods, hence this thesis has also provided a safety factor 
       , which is applicable for a working load limit or an allowable stress 
design.  
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Furthermore, based on the current American Standard for Design Loads on 
Structures being Constructed (ASCE/SEI37-02, 2002), the system resistance 
factor was also calculated as             , so a potential design equation to be 
used in the current limit state gravity load combination for the American 
Standards (ASCE/SEI37-02, 2002) is: 
                       (8.9) 
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CHAPTER 9 – OPTIMISATION OF SCAFFOLDING 
SYSTEMS 
PART A) OPTIMISATION OF BRACING  
 
9.1 Introduction 
 
Steel support scaffolding systems are used to support dead and live loads during 
the construction of concrete slabs. As well as providing vertical support, they are 
also required to provide lateral support in the form of diagonal bracing that 
stabilises the system, transfers horizontal load to the supports and reduces the 
effective length of the vertical standards. This chapter will assess the need for 
bracing in support scaffolding systems, optimise its location, and understand the 
effect of bracing below the code requirements. The current bracing requirements 
of the Australian Standards, (AS3610, 1995) are arguably based on empirical 
evidence and engineering judgment rather than a structural model of the system so 
this research will examine the non-linear behaviour of steel support scaffolding 
systems under various bracing configurations. Finite Element Analysis (FEA) 
software was used to simulate the failure of these systems based on their material 
and geometric non-linearity which was measured previously. The results of these 
finite element bracing model simulations are then investigated in order to 
understand the most efficient configuration. This investigation only included 
gravity loads, horizontal loads specified in (AS3610, 1995) were not considered 
as this was a requirement established by the PO, Acrow Formwork and 
Scaffolding Pty Ltd, which will be discussed in this chapter. 
 
9.2 Background 
 
There have been comments from the industry which suggest that in order to 
remain competitive and minimise costs, it would be better to reduce or optimise 
the requirement for bracing. The partner organisation (PO), Acrow Formwork and 
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Scaffolding Pty Ltd, have expressed concern about their competitive advantage in 
the formwork industry and unconfirmed reports suggest that their competitors are 
winning jobs by reducing the amount of bracing. Furthermore, other researchers 
(Chandrangsu, 2010) have confirmed that the ‘scaffold industry is considering 
reducing the number of braces used in the systems to achieve greater 
competitiveness in terms of faster erection speed’, which further validates the 
requirement for this research and suggests that an engineered approach is 
required. 
The current Australian Standards (AS3610, 1995) requires that scaffolding 
systems are braced every six bays, as seen in Figure 9.4. In fact clause 4.4.6.3 
states that where restraint is provided to more than one compression member, an 
additional load must be factored ‘for each additional compression member being 
restrained, up to a maximum of seven members’ (that is, 6 Bays). As discussed in 
the Introduction, this requirement is arguably based on rule of thumb and past 
experience so this research will investigate the ultimate strength of multiple types 
of selectively braced systems using advanced finite element analysis models. 
These models were calibrated against eighteen full scale tests completed at The 
University of Sydney (CASE, 2006), an example of which is seen in Figure 
9.1.The optimisation process will help in understanding the load carrying capacity 
of scaffolding systems that are not ‘fully braced’ and may have many variations of 
bracing. 
The Australian Standard (AS3610, 1995) requires that the same bracing 
configuration (every 6
th
 bay) must be used, regardless of the loading. To 
accommodate different loading scenarios the bay size is either reduced or 
increased in size for higher and lower loading scenarios, respectively. Researchers 
and the PO want to understand selectively braced systems to determine their load 
carrying capacity. In doing so, there may be the potential to use a lower level of 
bracing in low load scenarios.  
Scaffolding systems are essentially non-redundant, slender, and highly efficient 
structures, so it is quite difficult to remove their componentry. Hence, the 
structural optimisation of a temporary scaffolding system is difficult and is made 
complex by its non-linear behaviour and geometric imperfections. Diagonal 
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braces are effective in axial tension and compression because their ends have 
‘brace hook’ connections. Bracing systems currently restrain up to a maximum of 
6 bays (as per code requirement (AS3610, 1995)) but it was assumed here that 
they can restrain more than the code requirement. This assumption was validated 
by the PO because they argued that a diagonal brace could be redesigned if this 
analysis deemed it possible to reduce the total number of braces in the system.  
As with most temporary structures, there has been limited research into the 
selective bracing of scaffolding systems. To the best knowledge of the author, the 
following research is an original investigation of the selective bracing of support 
scaffolding systems. 
 
                       
Figure 9.1: Finite Element Model of Scaffolding System (diagonal green elements indicate bracing) 
 
9.3 Design Standards 
 
The Australian Standards (AS3610, 1995) requires that each restraining element 
be designed to transfer a transverse load equal to the sum of 0.025 times the axial 
force in the compression member at the location of the restraint, and an additional 
load equal to half that value for each additional compression member being 
restrained, up to a maximum of seven members (standards).  
The British Standard, BS 5975:1996 (British Standards Institution, 1996) states 
that it is possible for forces to be transmitted horizontally to the permanent 
structure but the ability of the permanent structure to resist these loads must be 
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considered. This is an issue of debate between industry and academia. The 
industry ‘rule of thumb’ suggests that formwork to a wet concrete slab may be 
adequately restrained by pre-poured columns, shear walls or crane towers, but 
academia suggests that there is little evidence that this top restraint can be 
justified. Academia is required to provide a solution to this contentious debate but 
this is beyond the scope of this research.  
The commentary to the Australian Standard (AS3610, 1995) notes in C4.4.7 that 
the formwork designer cannot assume that a permanent structure can restrain the 
formwork assembly, it can only be determined by the project designer. (AS3610, 
1995) requires the project documentation to make reference to this and if no 
reference is made, the formwork designer shall assume that the permanent 
structure cannot be used as a lateral restraint.  
 
9.4 Bracing in Practice 
 
9.4.1 Formwork Notes 
The notes to formwork design drawings provided by a formwork designer provide 
more detail than design standards. This level of detail is common in the Australian 
formwork industry because it frees the designer from any malpractice due to poor 
construction and erection practices. These notes to design drawings for a false 
work system make it clear that designers are reluctant to engage in or be 
responsible for any bracing design. In their designs the PO specifically states that; 
“The stability of false work must be maintained at all times and additional bracing 
and anchoring must be provided. The formwork and false work must be 
monitored prior to, and during concrete placement, and adjusted, if necessary.” 
(Acrow, 2012) 
In practice, minimising costs is critical so the minimum code requirement for 
bracing is usually adopted. The formwork subcontractor will typically use the 
guidelines set out by the PO. The following guidelines are provided by the PO 
(Acrow Formwork and Scaffolding Pty Ltd) in their Technical Design Manual 
(Acrow, 2012) and formwork drawings. 
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1. Bracing shall satisfy two conditions: 
a) Provide nodal restraint 
b) Transfer transverse forces to supports. 
(AS3610, 1995) requires that each restraining element be designed to 
transfer a transverse load equal to the sum of 0.025 times the axial force in 
the compression member at the location of the restraint, and an additional 
load equal to half the value for each additional compression member being 
restrained, up to a maximum of seven members. This load shall be 
assumed to act in addition to other loads. 
2. All nodal points that define lift heights shall be restrained. When braces 
are required to only provide nodal restraint then adjustable bottom bases 
may be used unrestrained. Top adjustable U-head assemblies shall always 
be restrained, externally or internally. See also notes 4 and 8. 
3. The correct amount of bracing shall be calculated, but a minimum amount 
must always be used. This requires one complete bracing system from top 
to bottom on each row of standards, once every 6 bays, in each direction. 
4. Bracing can be provided externally (that is, using the permanent structure 
as a brace, but in this case it shall be stated in the project documentation 
with the magnitude of the force) or internally by the Supercuplok bracing 
system. 
5. Bracing should be installed immediately after each lift has been erected 
and fixed to the Ledgers as close as possible to the node points (not more 
than 100mm from the node point). 
6. Transverse loads must act at node points on the Standards where 
Ledgers/Transoms are fitted (no secondary bending moments are 
permitted). 
7. If any brace is not continued to the support and terminated within the 
structure, the vertical compression component of the bracing force must be 
added to all other vertical compression forces and the total shall not 
exceed the published WLL (working load limit). The horizontal 
component of the force must also be transferred to a suitable support (that 
is, via butting/tying, to a suitable structure or other suitable bracing system 
as required). 
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8. When a formwork deck is not restrained (for example, no permanent 
structure like walls or columns to provide lateral restraint) particular care 
shall be taken in the design to restrain the formwork deck and top 
adjustable U-head assemblies. 
9. Individual towers or narrow false work systems shall be fully braced and 
the stability of the system shall be investigated in the design. The 
slenderness ratio of the system as a whole shall not be greater than the 
individual compression members. 
 
9.4.2 Survey of Formwork Design Engineers 
The following are observations noted from a survey of design engineers from the 
PO with over 45 years of experience. .The survey information was based on their 
professional knowledge and site experience. As a preface, it must be understood 
there are key site constraints to consider so the current position and location of 
bracing in the scaffolding system is primarily driven by: 
 Code requirement 
 Access for workmen throughout the bottom bays 
 Speed of installation (That is, if bracing is located in the same row it becomes 
faster to install) 
 Ease of safety check (That is, it is possible to quickly determine if bracing is 
missing by visual inspection)  
 
Design engineers were asked to disregard code requirements and consider 
selective brace locations based on engineering judgement, construction 
experience, and practicality.  
 
9.4.2.1 Brace One Lift 
The preferred place to brace a scaffolding system, if selecting from either the Top, 
Middle, and Bottom lift (see Figure 9.2), was either the bottom or middle lift. 
Design Engineer 1 (DE1) suggested that the bottom lift was better because 
bracing can be installed by workers at ground level and it is easier to provide 
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node-to-node bracing using SuperCuplok bracing (brace hook connection) going 
from ledger to ledger. Higher lifts can present issues for the SuperCuplok brace 
because of transoms and working decks (see Figure 9.2). When transoms or 
working decks are present, bracing at one end will involve using a scaffold 
coupler, which is undesirable and more labour intensive. However, Design 
Engineer 2 (DE2) stated that if there were three or more lifts, the top and bottom 
lifts should not be braced for ease of access, with the top lift preferably being 
1.5m high to make decking and access to the soffit form easier. Hence, DE2 
preferred the middle lift from a construction point of view. 
 
9.4.2.2 Brace Two Lifts 
Design engineers were then asked to consider bracing only two levels. These 
combinations could therefore be to brace the a) Top and Middle lift, b) Middle 
and Bottom lift or c) Bottom and Top lift. Both DE1 and DE2 confirmed that 
bracing the middle and bottom lifts would be ideal because the top lift is used as 
a working deck and bracing members can cause a trip hazard and also affect the 
erection of timber formwork. Furthermore, the braces penetrate the metal decking 
and cause gaps to form between the transom and decking elements which must be 
covered with plywood. This arrangement has the advantage of leaving some 
corridors open in the base lift for access.  
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Figure 9.2: Scaffolding Components and Bracing 
 
9.4.3 Preferred Bracing Methodology 
DE1 and DE2 were asked which was the most preferred selective bracing 
methodology if the current Australian Standards (AS3610, 1995) could be 
ignored.   
DE1 preferred a bracing pattern for a range of leg loads up to, 30%, 45%, 60%, 
75% and 100% of full leg load capacities. As an example DE1 stated that for a lift 
height of 1.5m and a top and bottom jack extension of up to 400mm, the full leg 
load capacity would be 50kN, but if there were an actual design leg load of 30kN, 
then a potential design chart for (30/50 x 100 = 60%), could be utilised to give an 
appropriate lift height, jack extension and bracing pattern.  
DE2 also suggested that bracing a minimum of one in every 6
th
 bay helps to 
square the formwork system, and then noted that this value should “be a better 
figure based on theory and research”, and this was a critical point in this thesis. 
Both design engineers wanted the ability to specify a tower system of any size 
(one to five bays) with a bracing pattern that enabled them to choose leg loads of 
up to 30%, 45%, 60%, 75% and 100% of their load capacities, based on the same 
safety factor. These tables are in the results section, so the design engineers’ 
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requirements have been satisfied in Section 9.9, Selective Bracing for Design 
Engineers.  
 
9.5 Bracing Optimisation  
 
There are multiple combinations and configurations of diagonal bracing possible 
in a selectively braced system, indeed both experimental (CASE, 2006) and 
analytical investigations have shown that reducing the number of braces within a 
scaffolding system decreases the ultimate load carrying capacity of the system. 
However, this phenomenon is clearly non-linear due to the complex geometries 
and interaction between components in the three dimensional lattice of the 
scaffolding, which means investigating the capacity of selectively braced systems 
was warranted.  
 
9.5.1 Aim of Investigation 
This investigation aimed at determining the most efficient configurations of 
bracing within a range of scaffolding systems. Site experience has shown that a 
range of system sizes are possible, including 2 x 2 Bay, 3 x 3 Bay, 3 x 6 Bay, and 
9 x 9 Bay systems. Finite element models of each of these systems were first 
calibrated to full scale tests (Chapter 6) and then utilised to determine the effects 
of selective bracing ranging from ‘No Bracing’ (0%) right up to ‘Full Bracing’ 
(100%). The PO expressed an interest in the ability of a scaffolding system to 
resist only a portion of its ultimate capacity, as discussed in section 9.4.3. There 
was also an academic need to understand the failure mode and strength of 
selectively braced systems compared to the current bracing configurations 
required in the Australian Standards (AS3610, 1995). Hence, the aim was to 
determine which bracing configurations are most efficient and to identify systems 
that satisfy various ultimate strength requirements.   
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9.5.2 Model Properties 
The advanced nonlinear finite element analysis models were created using the 
FEA software Strand 7(2009). Each individual component was input into the 
model with its specific material properties and its geometric and non-linear 
imperfections. The properties of the model and the procedure for its calibration 
are in Chapter 6.  
 
9.5.3 Size of Scaffolding System (number of Bays) 
A parametric investigation was conducted to understand whether the size of the 
support scaffolding affected the strength of the system. Four random bracing 
configurations (Configuration A, B, C, and D) were applied to four different sized 
systems, the 1 x 1 Bay, 3 x 3 Bay and 3 x 6 Bay, and the 9 x 9 Bay. The ultimate 
strengths for each are summarised in Table 9.1. It can be seen that the size of the 
system had almost no effect on its ultimate capacity, rather the bracing 
configuration had the most effect on the system strength. This observation was 
also made by (Chandrangsu, 2010) who investigated full bracing and then showed 
that systems with similar lift heights had minor increases in strength from 3 x 3 
Bays to 9 x 9 Bays. However, (Chandrangsu, 2010) also noted that the mean 
strength was generally lower for 3 x 3 Bay systems than all the other systems (as 
was also noted in this investigation) because the 3 x 3 Bay system did not have 
‘braces at the corners’, which weakened the system (Chandrangsu, 2010). As a 
result of this size insignificance, the following chapter can now assess smaller 
systems in the first instance and thus reduce the computational time.  
 
Table 9.1: Size of System effect for different configurations of selective bracing 
 
 
 
 
 
 
 
 Config A Config B Config C Config D 
1 x 1 Bay 74.7 kN 55.3 kN 47.2 kN 80.67 kN 
3 x 3 Bay 70.7 kN 52.3 kN 42.3 kN 69.58 kN 
3 x 6 Bay 74.5 kN 54.9 kN 46.4 kN 75.49 kN 
9 x 9 Bay 75.5 kN 55.2 kN 41.7 kN 78.49 kN 
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9.5.4 Selective Bracing Configurations 
9.5.4.1 Fully Braced Systems  
The following table presents the ultimate strengths of fully braced systems that 
varied in size from 1 x 1 Bay to 9 x 9 Bays. It was determined that the difference 
in load carrying capacities between ‘fully braced’ systems of different sizes with 
similar lift and jack heights were quite similar. This confirmed the finding that 
bay size does not affect the system strength (discussed previously in Section 9.5.3 
and seen in Table 9.1). It is clear that there is only a small difference of up to 13.6 
kN between models of different sizes. Furthermore, a 300mm jack extension had 
the highest load variation in all the lift heights and jack extensions, as such it was 
chosen as the basis for all analysis models herein. 
 
 
 
Table 9.2: Fully Braced System Strength Comparison 
Lift (m) 
Ext (mm) System Size (Bays) Variance (kN) 
(max load –
min load) 1.0m 1 x 1 3 x 3 3 x 6 9 x 9 
100mm 188.20 181.10 184.50 184.30 7.10 
300mm 148.70 141.90 145.70 155.50 13.60 
600mm 94.00 90.70 94.50 95.50 4.80 
1.5m 
     100mm 143.00 143.40 140.70 146.20 5.50 
300mm 116.30 114.40 120.80 124.10 9.70 
600mm 74.70 70.60 73.80 75.10 4.50 
2.0m 
     100mm 98.30 98.50 98.50 100.70 2.40 
300mm 85.70 87.90 89.60 90.10 4.40 
600mm 60.80 58.90 61.30 62.00 3.10 
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There are many possible bracing configurations within a 2 x 2 Bay, 3 lift 
scaffolding system, so this research investigated the most efficient bracing 
configuration using fully braced systems (Table 9.2) as a benchmark. The 
configurations of ‘fully braced’ systems for 1 x 1 Bay, 3 x 3 Bay, 3 x 6 Bay and 9 
x 9 Bay, respectively are detailed in Chapter 7, from Figure 7.1 to Figure 7.4.  
 
9.5.4.2 2 x 2 Bay System 
Since the size of the system has little effect on its ultimate strength, a smaller and 
more computationally efficient 2 x 2 Bay system was used for the initial 
investigations. A 2 x 2 Bay system is highly relevant for research purposes due to 
its symmetrical configuration, the practicality of use in full scale construction (as 
seen in Figure 9.3), and less computational analysis required. Although 2 x 2 Bay 
scaffolding systems are not common in the construction of large concrete slabs, 
multiple permutations of this system make up larger systems.  
 
9.5.4.3 On-Site Systems 
Present day permanent concrete structures are often designed using an irregular 
geometry of beam, column, and slab elements so the scaffolding systems must be 
able to handle the varying geometry and load situations. Figure 9.3 shows a 
typical bracing configuration used on a particular construction site in Mackay, 
Queensland that was designed by formwork engineers. It is a permanent system 
characterised by a series of slabs and band beams at consistent intervals or grid 
spacing dictated by columns located either 8.4m or 10.8m apart. Figure 9.3 shows 
a number of 2 x 2 Bay and 2 x 3 Bay systems that were used to create the full 
scaffold arrangement.  
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Figure 9.3: On site system comprising of 2 x 2 bay and 2 x 3 Bay systems 
 
On another site that was investigated for its construction load (Chapter 4) in 
Merrylands, Sydney, NSW, a similar construction of band beams and slabs 
utilised 1.0m, 1.2m, 1.5m and 1.8m ledger sizes to form the support scaffolding 
system, as seen in Figure 9.4. The diagonal bracing for this system is shown in 
Sections A-A and B-B in Figure 9.5 (a) and (b). This system had a much larger 
combination of bays, as the vertical and horizontal lines indicate. 
 
                      
Figure 9.4: Snapshot of the General Arrangement of beams, slabs and scaffolding layout 
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Figure 9.5: (a) Elevation A - A   
                    
Figure 9.5: (b) Elevation B – B 
 
9.6 Method for Selective Bracing Configuration Analysis  
 
Multiple permutations of bracing combinations are possible, so selective bracing 
options were divided into three manageable portions. To analyse a selectively 
braced system the following methodology was devised to investigate each 
scaffolding system. Although relatively simple to comprehend, this methodology 
is based on the premise of basic engineering judgment and analysis of a structural 
system. 
A Strand 7 (2009) Finite Element Model of each scaffolding system was created 
to investigate the nominal capacity of the particular structural system. In the first 
Chapter 9 – Optimisation of Scaffolding Systems 
    _____________________________________________________________ 
261 
phase the same bracing configuration was considered to occur in each of the three 
lifts. This means that for the selective bracing configurations chosen, each was 
replicated in the two lifts below it. After this first phase analysis was completed, a 
variety of selective braced systems were then analysed using the information 
determined from the first phase. The second phase of this analysis consisted of 
varying the bracing in each lift, that is, the same configuration of bracing in lift 1 
and lift 3 but not in lift 2, et cetera. This process is summarised as follows:   
 
1. Phase 1: The same bracing configuration was considered to occur in each 
of the three lifts simultaneously.  
2. Phase 2: The same bracing configuration in lift 1 and lift 3 but not in lift 
2, the same bracing configuration in lift 2 and lift 3 but not in lift 1, and 
the same bracing configuration in lift 1 and lift 2 but not in lift 3. 
 
9.7 Phase One  
 
Phase one investigated the selective brace configuration duplicated in each lift of 
thirty, 2 x 2 Bay scaffolding systems with uniform load applied. Brace locations 
in each of these thirty models are described in Appendix 22. Three analysis 
models, system type 1 (ST1), system type 2 (ST2) and system type 9 (ST9) can be 
seen in Figure 9.6.  
 
9.7.1 Phase One Results 
The results of Phase One are described in Table 9.3, and show that of the 30 FE 
models analysed, there were some clear outliers which maintained ultimate 
strengths whilst significantly reducing bracing. The analysis models ST9 and 
ST14, highlighted in Table 9.3, have 50% less bracing than a fully braced system 
but their ultimate strength only decreased by 4kN or 3.6%. The results and 
conclusions drawn from the 2 x 2 Bay analyses were also confirmed in 9 x 9 Bay 
models. Three of these 9 x 9 Bay analysis models can be seen in Figure 9.7. 
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Table 9.3: Nominal System Strength for 30, 2 x 2 Bay Systems Investigated 
Model 
ID 
Number 
of Bays 
Number 
of 
braces 
Percentage 
of Full 
Bracing 
Nominal 
Capacity 
(kN) 
 
    ST1 2 x 2 12 100.00% 111 
ST2 2 x 2 4 33.33% 53.125 
ST3 2 x 2 7 58.33% 68 
ST4 2 x 2 8 66.67% 105 
ST5 2 x 2 4 33.33% 69.7 
ST6 2 x 2 4 33.33% 56.625 
ST7 2 x 2 3 25.00% 56.5 
ST 8 2 x 2 4 33.33% 52.5 
ST9 2 x 2 6 50.00% 107 
ST10 2 x 2 4 33.33% 52.5 
ST11 2 x 2 2 16.67% 45 
ST12 2 x 2 2 16.67% 49.25 
ST13 2 x 2 2 16.67% 45 
ST14 2 x 2 6 50.00% 108.05 
ST15 2 x 2 6 50.00% 107 
ST16 2 x 2 6 50.00% 67.4 
ST17 2 x 2 7 58.33% 67.6 
ST18 2 x 2 6 50.00% 67.2 
ST19 2 x 2 6 50.00% 59 
ST20 2 x 2 6 50.00% 55.5 
ST21 2 x 2 3 25.00% 54.06 
ST22 2 x 2 3 25.00% 56.125 
ST23 2 x 2 2 16.67% 41.25 
ST24 2 x 2 5 41.67% 57.25 
ST25 2 x 2 7 58.33% 107 
ST26 2 x 2 4 33.33% 39.7 
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continued 
Model 
ID 
Number 
of Bays 
Number 
of 
braces 
Percentage 
of Full 
Bracing 
Nominal 
Capacity 
(kN) 
ST27 2 x 2 3 25.00% 52.5 
ST28 2 x 2 2 16.67% 43.125 
ST29 2 x 2 3 25.00% 43.125 
ST30 2 x 2 3 25.00% 41 
 
 
9.7.2 Phase One Discussion 
The capacity of the fully braced 2 x 2 Bay system was 111kN, which was not 
much larger than the selectively braced 2 x 2 Bay systems, which in some cases 
had up to 50% less bracing, for example, ST9 and ST14. This result showed that 
“over bracing” a scaffolding system is possible, and therefore some bracing may 
be redundant. Thus, the system becomes more inefficient as more bracing is added 
above an optimal bracing point (OBP). This optimal bracing point occurred where 
each frame in the x-direction and each frame in the y-direction was braced. Note 
that phase one was braced in all three lifts of the system configurations seen in 
Figure 9.7. Inefficient bracing occurs above the OBP and the system reduces in 
strength below the OBP. That is, when the number of braces in a selectively 
braced system is reduced below the OBP, a large decrease in ultimate strength 
occurred, as Table 9.4 shows. Potentially, the results may allow the PO to design a 
system with selective bracing that will match the ultimate load expected to occur 
on site. Moreover, the amount of bracing and gross tonnage of scaffolding 
delivered to site could be minimised by using a selective bracing system with a 
lower nominal load capacity. Figure 9.6 and Figure 9.7 demonstrate the range of 
nominal load carrying capacities of the 2 x 2 Bay and 9 x 9 Bay systems, 
respectively. The red lines indicate where bracing is placed in the models. Again, 
it must be noted that these selective bracing systems do not currently comply with 
the Australian Standard (AS3610, 1995), they were developed for academic 
purposes in order to understand system capacities with bracing levels below code 
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requirement. Table 9.4 summarises the results of Table 9.3 and show that the OBP 
occurs with approximately 6 to 8 braces (per lift).  
 
Table 9.4: Load capacity of 2 x 2 Bay system and the OBP 
Number of Braces 
in 2 x 2 Bay 
System 
Relation to OBP 
(Optimal Brace 
Point) 
Max System 
Strength (kN) 
12 (Fully Braced) Above OBP 111 
6 – 8 Optimal Brace Point 107 
4-5 Below OBP 69.7 
2-3 Below OBP 56.125 
 
                    
Figure 9.6: 2 x 2 Bay Models Tested (dotted line shows failure mode) 
       
Figure 9.7: 9 x 9 Bay Models Tested 
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The results of the 2 x 2 Bay system investigations were also apparent in larger 
systems, as shown in Figure 9.7 where the 9 x 9 Bay systems (C10) had a 67% 
reduction in bracing with only a 20% reduction in its ultimate strength. These 
results were then used for phase two of the research. 
 
9.7.3 Phase One Conclusion 
The results of Phase One showed that it is quite possible to “over-brace” a 
scaffolding system such that bracing is possibly redundant in the structure. It also 
showed that more bracing above the optimal bracing point makes the system less 
efficient. This optimal bracing point (OBP) occurred where each bay or frame in 
the x-direction and the y-direction were braced. It was shown in the 2 x 2 Bay 
models that a 50% reduction in bracing (from full bracing) is achievable with only 
a 3.6% reduction in load carrying capacity. This result was further qualified in a 
full scale 9 x 9 frame, where a 67% reduction in bracing resulted in only a 20% 
reduction in load carrying capacity.   
 
9.8 Phase Two   
9.8.1 Introduction 
The second phase of the investigation consisted of a further analysis of the most 
efficient 2 x 2 Bay models, system type ST9 and ST14. This involved 
investigating the bracing needed at each lift or level under a uniform load in order 
to understand the capacity of the system without bracing at a particular lift. 
                                    
Figure 9.8: (a) System Type 14 (ST14) and (b) System Type 9 (ST9) 
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9.8.2 Method  
In phase Two, three separate sets of simulations were undertaken using a 2 x 2 
Bay configuration.  
Set 1 of Phase Two: 1 entire lift (level) of bracing was removed to form six new 
FEA models with no bracing in the top, middle, and bottom lifts respectively. The 
six FEA models can be seen in Table 9.5 as ST9-1a,1b, 1c and ST14-1a, 1b, 1c. 
Set 2 of Phase Two: 2 lifts (levels) of bracing were removed to form six new 
FEA models. The six FEA models can be seen in Table 9.5 as ST9-2a, 2b, 2c and 
ST14-2a, 2b, 2c. 
Set 3 of Phase Two: All the bracing was removed to understand the load carrying 
capacity of the system without bracing. This formed a further two models ST9-3a 
and ST14-3a. 
 
9.8.3 Results 
The results are quite conclusive and demonstrate distinct trends; Table 9.5 
summarises the findings for the fourteen finite element models and Figure 9.9 
depicts a representative example of two models at the point of failure. The other 
twelve models at the point of failure are in Appendix 23. 
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Table 9.5: Phase 2 Simulation Results 
Nominal 
Model 
ID 
Bracing 
location 
Nominal 
Load (kN) 
Load 
reduction 
(%) 
Number 
of Braces 
Bracing 
Reduction 
(%) 
REMOVE 1 LIFT OF BRACING 
  
107 
 
18 
 ST9-1a Top + Mid 91 -14.95% 12 -33.33% 
ST9-1b Top + Bot 81.2 -24.11% 12 -33.33% 
ST9-1c Mid + Bot 88.475 -17.31% 12 -33.33% 
  
108 
 
18 
 ST14-1a Top + Mid 91 -15.74% 12 -33.33% 
ST14-1b Top + Bot 81.6 -24.44% 12 -33.33% 
ST14-1c Mid + Bot 87.85 -18.66% 12 -33.33% 
REMOVE 2 LIFTS OF BRACING 
  
107 
 
18 
 ST9-2a Top Only 74.875 -30.02% 6 -66.67% 
ST9-2b Bot Only 63.5 -40.65% 6 -66.67% 
ST9-2c Mid Only 38.1875 -64.31% 6 -66.67% 
  
108 
 
18 
 ST14-2a Top Only 74.85 -30.69% 6 -66.67% 
ST14-2b Bot Only 63.125 -41.55% 6 -66.67% 
ST14-2c Mid Only 38.185 -64.64% 6 -66.67% 
REMOVE 3 LIFTS OF BRACING (NO BRACING) 
  
107 
 
18 
 ST9-3a No Brace 32.125 -69.98% 0 -100.00% 
  
108 
 
18 
 ST14-3a No Brace 32.125 -69.98% 0 -100.00% 
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Figure 9.9: Simulation Set 1 – Remove Bottom lift of Bracing (Top and Middle Bracing)                           
(a) ST 14 -1a      (b) ST 9 – 1a 
 
9.8.4 Phase 2 Discussion 
The optimised bracing configurations of (ST9) and (ST14) have a system capacity 
of 107kN and 108.05kN, respectively so this was the baseline for a comparison of 
the phase two, vertically optimised bracing configurations. It was clear that if an 
entire lift of bracing was removed the most efficient level would be the entire 
bottom lift because only a 15% reduction in load carrying capacity to 91 kN 
occurs. This was achieved in ST14-1a and ST9-1a.  
Removing other lifts of bracing proved more detrimental to the load carrying 
capacity; for instance, removing the top lift bracing in both ST14-1c and ST9-1c 
configurations resulted in a load carrying capacity of 87.85kN and 88.475kN, 
respectively. In the ST14-1b and ST9-1b configurations, removing the middle lift 
of bracing reduced the load carrying capacity to 81.6kN and 81.2kN, respectively, 
which represents an approximately 24% reduction in load carrying capacity, as 
Table 9.5 show. 
Removing two lifts of bracing and leaving only one lift to brace the entire 
structure will reduce the number of braces by 66%, from 36 braces to 12 braces 
for the ST9 and ST14 systems, but this would significantly reduce the capacity of 
these systems. It was determined that where the system had bracing only in the 
top lift (bracing removed in bottom and middle lifts), both ST14-2a and ST9-2a 
had a load carrying capacity of approximately 74kN, representing a 30% strength 
reduction. Of these three systems the most inefficient was where bracing only 
occurred in the middle lift (bracing removed in bottom and top lifts). In this 
Chapter 9 – Optimisation of Scaffolding Systems 
    _____________________________________________________________ 
269 
system both ST14-2c and ST9-2c had a load carrying capacity of approximately 
38kN, representing a 64% strength reduction from their respective nominal 
models.  
Perhaps the 64% reduction in load carrying capacity of ST14-2c and ST9-2c with 
middle lift bracing was due to some enabling factors. The middle lift had the 
shortest effective length in the system so it was not the critical lift that needed to 
be braced. In fact, the top lift which had a larger effective length due to the top 
jack extension was critical to the system. This was also the case (but to a lesser 
extent) in the lower lift which also had a larger effective length because of the 
bottom jack.  
This finite element model investigation into selective bracing revealed only two 
modes of failure in all cases; frame torsion and shore sway. Frame torsion failure 
occurred when the structure was braced eccentrically such that it could sway 
about an axis depending on the location of selective bracing, as Figure 9.10 shows 
(a plan view of ST2). 
 
 
 
 
The second mode of failure was ‘shore sway failure’ which occurred when the 
vertical standards sway out of plane and cause the entire scaffolding system to 
collapse. In this mode the spigot connection between the vertical components 
causes failure because of weakness in the geometry of the joint. The drawings of 
the spigot connection are shown in Figure 9.13 and a full investigation into the 
spigot connection is detailed in Chapter 9 – Part B. 
  
Figure 9.10: Frame Torsion about stiff "core" brace 
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9.9 Selective Bracing for Design Engineers 
 
Table 9.6 was developed to enable design engineers to benefit from advanced 
analysis in determining the load carrying capacity of selectively braced 
scaffolding systems. It does not currently comply with code requirements but it is 
a useful tool to understand selective bracing design, although the advanced 
analysis models used to produce these results are based on nominal models that 
were created in much the same way as those described in Chapter 6. These 
nominal models were established for design engineers to use in future design of 
selectively braced scaffolding systems by advanced analysis. 40 nominal finite 
element models were created based on a commonly used scaffolding system (3 
lifts, 1.5m lift height and 300mm jack extension) with different system 
configurations including ‘full’ bracing (code compliant), ‘optimised’ bracing and 
‘core’ bracing for various sized systems (2 x 2 Bay, 3 x 3 Bay, 3 x 6 Bay and 9 x 
9 Bay). The system configuration types are in Appendix 21 and the nominal 
ultimate strength (Rn) results and bracing requirement for each system are 
presented in Table 9.6.  
The following analysis utilised the knowledge and practicality required by the 
design engineers from Acrow Formwork and Scaffolding, as well as the data 
gathered in phases one and two of the investigation (described above). The results 
in Table 9.6 highlight the ability of design engineers to reduce the bracing 
requirements of scaffolding systems when only a portion of its ultimate strength is 
required. It must be noted again that this section ignored the requirements of the 
Australia Standard (AS3610 1995).  
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Table 9.6: Optimisation of Selective Braced Systems   
 
 
Note: The ‘Brace Configuration’ naming convention relates to the assembly of 
diagonal braces summarised in Appendix 21. The ‘Brace Location’ relates to what 
lift the configuration of bracing is applied. For example, the Brace Location ‘Bot 
lift Only’ with a ‘Full’ bracing Configuration can be seen in Figure 9.11 for the 3 
x 6 Bay system. Furthermore, the Brace Location ‘Bot lift Only’ refers to bracing 
that only occurs in the bottom lift of the system. The Brace Location’s were 
chosen to fulfil the design requirements of the PO, described in Section 9.4.2 
Survey of Formwork Design Engineers. In summary the Design Engineers 
suggested that the best place to brace a scaffolding system if one were to select 
one lift to brace, would be the bottom lift, and because workmen are safely at 
ground level during installation, it is easier to provide node-to-node bracing from 
Brace 
Locati
on 
Configurati
on Name
Nominal 
Load 
(kN)
Nominal 
Load 
Reduction 
(%) 
Number 
of 
Braces
Bracing 
Reduction 
(%)
Nominal 
Load 
(kN)
Nominal 
Load 
Reduction 
(%) 
Number 
of 
Braces
Bracing 
Reduction 
(%)
Full (Code 
Compliant) 111.00 36 107.8 24
Optimised 107.00 -4% 18 -50% 107.8 0% 24 0%
Core 53.13 -52% 12 -67% 55 -49% 12 -50%
Full 94.70 -15% 24 -33% 85 -21% 16 -33%
Optimised 87.85 -21% 12 -67% 88 -18% 16 -33%
Core 51.50 -54% 8 -78% 51.5 -52% 8 -67%
Full 64.60 -42% 12 -67% 65.4 -39% 8 -67%
Optimised 63.13 -43% 6 -83% 67.2 -38% 8 -67%
Core 50.00 -55% 4 -89% 48.75 -55% 4 -83%
N.A.
NO 
BRACING 32.13 -71% 0 -100% 36.25 -66% 0 -100%
Brace 
Locati
on 
Configurati
on Name
Nominal 
Load 
(kN)
Nominal 
Load 
Reduction 
(%) 
Number 
of 
Braces
Bracing 
Reduction 
(%)
Nominal 
Load 
(kN)
Nominal 
Load 
Reduction 
(%) 
Number 
of 
Braces
Bracing 
Reduction 
(%)
Full (Code 
Compliant) 108.88 45 113.4 180
Optimised 103.6 -5% 33 -27% 91.6 -19% 144 -20%
Core 58.75 -46% 24 -47% 61.75 -46% 108 -40%
Full 87.75 -19% 30 -33% 94 -17% 120 -33%
Optimised 78 -28% 22 -51% 65.2 -43% 96 -47%
Core 55 -49% 16 -64% 60.5 -47% 72 -60%
Full 65 -40% 15 -67% 69.4 -39% 60 -67%
Optimised 66 -39% 11 -76% 52.5 -54% 48 -73%
Core 52.75 -52% 8 -82% 57.5 -49% 36 -80%
N.A.
NO 
BRACING 39.55 -64% 0 -100% 38 -66% 0 -100%
Bot Lift 
Only
3 lifts _ 1.5m _ 300mm _ Nominal Results
Bot & 
Mid 
Lifts
Bot Lift 
Only
All Lifts 
(Bot, 
Mid, 
Top)
Bot & 
Mid 
Lifts
3 x 3 Bay
3 x 6 Bay 9 x 9 Bay
2 x 2 Bay
All Lifts 
(Bot, 
Mid, 
Top)
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one ledger to another ledger. Also higher lifts are problematic to brace due to the 
existence of transoms and working decks. The middle and bottom lifts were the 
most preferred levels for bracing if two lifts could be braced. Further to this 
rationale, the top lift is used as a working deck and bracing members can cause a 
trip hazard and lead to gaps forming between the transom and decking elements.  
‘Optimised’ models are the most efficient means of generating maximum system 
strength at minimum levels of bracing. Table 9.6 shows that configurations of 
‘Optimised’ bracing occurring in ‘all lifts’ had the smallest reduction in load with 
significant reductions in bracing. The 2 x 2 Bay system only achieved a 4% 
reduction in load with a 50% reduction in bracing, but as the system increased in 
size this effect was less pronounced. In fact the 9 x 9 Bay system only achieved a 
19% reduction in load and a 20% reduction in bracing. The ‘core’ bracing 
configuration also achieved significant reductions in bracing with only small 
reductions in system strength across the full range of system sizes and brace 
locations. Where core bracing was used in ‘all lifts’ the models had a loss of 
strength however they also had bracing reductions of up to 67%. Further 
reductions in bracing occurred in the creation of the ‘bot lift’, ‘core’ bracing 
models. These models achieved 80% to 89% reductions in bracing and only 49% 
to 55% reductions in nominal load capacity. This result suggests that a 3 x 6 Bay 
model with a reduced bracing requirement could resist 53 kN of load. An example 
of a ‘core’ braced 3 x 3 Bay FE model is presented in Figure 9.12.  
In general, systems with ‘no bracing’ had a minimum system strength of 32 kN (2 
x 2 Bay), which is a 71% reduction in ultimate load from full bracing. Although 
this is only a fraction of the ultimate load of a fully braced system the result is 
significant in itself because the maximum recorded shore load from the 188 peak 
shore load (Live plus Dead Load) investigations was 34 kN (as seen in Chapter 4). 
This was an important discovery (and result for the PO) because these models 
required no bracing, meaning a gross transport tonnage saving of 2000 kg (11.2 
kg x 180 braces) in a 9 x 9 Bay system.  
Table 9.6 was produced to assist design engineers of the PO to select a bracing 
system that would resist ultimate loads which may be 35%, 45%, 50%, 60% or 
80% of the ultimate capacity of the system. For example, the design of multiple 9 
x 9 Bay systems (with 1.5m lift, 300mm extension) requiring a range of nominal 
Chapter 9 – Optimisation of Scaffolding Systems 
    _____________________________________________________________ 
273 
system strengths could be achieved using Table 9.6. These are summarised in 
Table 9.7. 
 
Table 9.7: Selective Bracing Systems resisting a portion of ultimate capacity (9 x 9 Bay) 
Brace 
Locatio
n 
Configur
ation 
Name
Nominal 
Load 
(kN)
Nominal 
Load  (%) 
Number 
of 
Braces
Bracing 
Reductio
n (%)Full 
(Code 
Complian 113.4 100% 180
Optimise
d 91.6 81% 144 -20%
Bot & 
Mid
Optimise
d 65.2 57% 96 -47%
Core 57.5 51% 36 -80%
Optimise
d 52.5 46% 48 -73%
N.A.
NO 
BRACING 38 34% 0 -100%
9 x 9 Bay
All Lifts 
(Bot, 
Mid, 
Top)
Bot Only
 
 
 
Figure 9.11: 3 x 6 Bay ‘Full’ Bracing in Bottom lift only 
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Figure 9.12: 3 x 3 Bay Core Braced (Bottom only) System - failure in x and y direction 
 
9.10 Conclusion 
 
This section of the research (Chapter 9 – Part A) has specifically detailed the 
process of modelling the bracing support to steel scaffolding systems. Moreover, 
the results of selective bracing simulations were investigated and the most 
efficient bracing configurations were identified. Phase one revealed that models 
ST9 and ST14 were the most efficient of the thirty permutations simulated. Phase 
two then revealed that the most efficient level to brace was the top lift of the 
system because it also restrains the top jack and spigot joint. A survey of 
formwork design engineers suggested that it was better to brace the bottom lift 
first and then the middle lift because the top lift was generally used by workmen 
to access the timber formwork. Finally, an optimisation process was undertaken to 
determine the most efficient bracing configurations, and it utilised every 
component of the research, including the phase one and two results, the FE 
parametric investigations and the survey of formwork design engineers. Table 9.7 
enabled the PO to select a bracing system that would resist ultimate loads which 
may be 35%, 45%, 50%, 60% or 80% of the ultimate capacity of the system. The 
results of this analysis were considered significant by the PO because there is a 
potential to reduce gross transport tonnage. The current Australian Standards 
(AS3610 1995) do not allow bracing elements to be modified so the author would 
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encourage the Australian Standards Committee to consider the selective bracing 
of systems that are required to resist a portion of the ultimate strength of the 
system in future revisions of the standard (AS3610 1995). This would allow 
selective bracing to be utilised as long as the design engineer could prove that the 
system would be stable under all load scenarios. The author of this thesis notes 
that more research and full-scale testing would be required to verify and calibrate 
FE models in the future.  
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PART B) ANALYSIS OF THE SPIGOT CONNECTION 
 
9.11 Introduction 
 
The spigot connection is a vertical joint used to connect standards to form a lift or 
level in scaffolding systems. The spigot joint was known to cause failure in eight 
of fifteen (62%) full scale tests performed at the University of Sydney (CASE, 
2006) so its detrimental effect on the ultimate strength was required to be 
investigated. Additional full scale tests were outside the scope and funding of this 
research so an analytical investigation utilising finite element models (created and 
calibrated in Chapter 6) was performed. Furthermore, the PO expressed interest in 
developing a new spigot joint which is stiffer and stronger than the current joint. 
The advantage of FE models are that they allow the PO to decide whether the 
ultimate gain in strength with a new spigot joint is worth the cost of its 
replacement. As such, the FE models do not contain spigot joints so continuous 
vertical standards were modelled instead.  
 
9.12 Background 
 
The Acrow Supercuplok System uses a spigot joint to connect the vertical 
elements (standards) into any number of lifts. It consists of a steel insert made 
from a CHS (circular hollow section) tube 38.2 mm outside diameter, 3.2 mm 
wall thickness, and 300 mm long. The insert is connected to the bottom standard 
by a pin, as seen in Figure 9.13. The spigots insert slots into the base of the top 
standard and then relies on gravity and the snugness of fit to resist axial forces and 
bending moments. A spigot joint is typically made at the centre of a lift, and thus 
can be subjected to a high bending moment. The spigot joint was modelled in 
finite element analysis as a series of pinned links. This model was suggested by 
Enright et al. (2000) who confirm its accuracy via experimentally testing. More 
information can be found in Chapter 6. 
Previous research at the University of Sydney (Chandrangsu, 2006) and by the PO 
note that the spigot joint produces a large amount of instability in scaffolding 
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systems because it has an inherent looseness due to difference in the diameters of 
the merging faces within the joint. The spigot joint has a 2.1mm gap between the 
outer face of the spigot tube and the inner face of the connecting standard, as seen 
in Figure 9.13. This 1.05mm gap on each side of the joint is a design feature 
which allows the connection to be re-used, even after slight deformation or a 
slight build up of rust or dirt.   
 
 
Figure 9.13: Spigot joint detail 
 
9.12.1 Effect of Spigot in Full-Scale Tests 
The calibrated FE models determined in Chapter 6 were known to duplicate the 
failure caused by spigot joints and other factors in full-scale tests, as Figure 9.14 
shows. Hence these calibrated finite element models could be used to investigate 
the effect of removing the spigot connection, especially if any reduction in the 
ultimate load occurred because of the spigot joint.  
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Figure 9.14: Example of Spigot Failure in the top lift 
 
9.12.2 Effect of Spigot in Finite Element Model 
A spigot joint’s weakness occurs because it attracts most of the bending moment 
due to its mid lift/height location in the system, and because it possesses a loose 
fit in the sleeve joint. This causes initial geometric imperfections that are much 
larger than a regular standard. Indeed, in a survey of standards it was found that 
the initial out-of-straightness of standards with spigot joints (Lh/770) was much 
greater than the initial out-of-straightness of standards without spigot joints 
(Lh/2500) evident in Table 9.8 (Chandrangsu, 2009a). The spigot joint was 
modelled as a series of pinned links, as suggested by Enright et al. (2000) and can 
be seen in more detail in Chapter 6. 
Table 9.8: Geometric Imperfections (Chandrangsu, 2009a). 
Random variable Mean COV Distribution 
Out-of-straightness of 
the standards without 
spigot joints 
Lh/2500 0.75 
 
Lognormal 
Out-of-straightness of 
the standards with spigot 
joints 
Lh/770 0.615 Lognormal 
Storey out-of-plumb H/625 0.313 Normal 
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9.12.3 Calibrated FE Model Analysis 
A comparative investigation between the eighteen calibrated FE models (Chapter 
6) with spigot joints and eighteen calibrated FE models without spigot joints 
(spigotless), is described in Table 9.9 and demonstrates that when there is no 
spigot joint (modelled as a continuous standard), the ultimate strength of these FE 
models increased by 5% on average and up to 18% in Test 9.  
 
Table 9.9: Comparison of Finite Element models with and without spigot joints 
Test 
Number 
Ultimate Load 
with Spigot 
(spigoted) (kN) 
Ultimate Load 
without Spigot 
(spigotless) (kN) 
Load 
Overestimation 
(%) 
2 94.20 99.3 5.41% 
3 86.00 94 9.30% 
4 43.48 50.425 15.99% 
5 58.00 62.4 7.59% 
6 62.00 63 1.61% 
8 136.00 148.2 8.97% 
9 47.48 55.875 17.69% 
10 64.00 64 0.00% 
11 130.40 146 11.96% 
12 128.00 128 0.00% 
13 65.00 67.9 4.46% 
14 154.60 154.6 0.00% 
15 96.00 101.5 5.73% 
16 94.00 102.9 9.47% 
18 141.00 142 0.71% 
  
AVG 5.02% 
  
STD 4.24% 
  
COV 0.844 
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9.12.4 Nominal Model Analysis 
Nominal finite element models were also investigated to determine how the 
capacity of the system decreased due to the spigot joint. The nominal models were 
created for design engineers (see Chapter 7) using conservative values for 
uncertainties, including load eccentricities, and geometric and material 
imperfections. Nine nominal 3 x 3 bay finite element models were used to 
compare scaffolding systems with and without spigot connections.  
Both the spigoted and spigotless systems were the same in every aspect, except 
for the existence of a spigot joint. The results of this investigation are in Table 
9.10 and show there was a substantial reduction in capacity due to the spigot 
connection. This was particularly prevalent in larger lift heights (1.5m and 2.0m). 
For example, a 37.43% increase in capacity could theoretically be achieved by 
eliminating the spigot connection in the 2.0m, 100mm, 3x3 Bay system. The 
results show two identifiable trends; systems with a higher lift height (1.5m and 
2.0m) see larger reductions in capacity than shorter lift heights (1.0m) because the 
spigot connection generally causes larger lifts to fail, whereas the jack extension 
generally causes failure in shorter lifts. Moreover, spigotless systems become 
more efficient as the jack extension is reduced. Again, this is because the spigot 
causes failure in low jack extensions, and therefore failure generally occurs in the 
jack at longer jack extensions, as Table 9.10 shows. It is known that this is due to 
yield stress (see parametric investigations in Chapter 7).  
Note: The failure modes and ultimate loads for each model are presented 
diagrammatically in Appendix 24. 
In the 2.0m lift, 100mm extension, 3 x 3 bay system the frame sway of the vertical 
standards caused failure, as Figure 9.15 shows. The top jack did not cause of 
failure because it was only 100mm long. In this case a 37.43% in efficiency would 
be possible if the spigot was eliminated. 
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Table 9.10: Nominal model results with and without spigot joints. 
Lift 
height 
(m) 
Jack 
Extension 
(mm) 
Number 
of Lifts 
Number 
of Bays 
Rn 
(kN) 
With 
Spigot 
Rn (kN) 
No 
spigot 
Increase 
in 
efficiency 
(%) 
2.0 100 3 3 x 3 88.7 121.9 37.43 
2.0 300 3 3 x 3 80.5 101.7 26.34 
2.0 600 3 3 x 3 57.0 65.0 14.00 
1.5 100 3 3 x 3 120.2 137.0 13.98 
1.5 300 3 3 x 3 107.5 115.45 7.40 
1.5 600 3 3 x 3 69.0 73.6 6.67 
1.0 100 3 3 x 3 137.0 138.5 1.10 
1.0 300 3 3 x 3 119.30 119.30 0.00 
1.0 600 3 3 x 3 83.0 83.0 0.00 
 
                       
Figure 9.15: Frame Sway Failure of 2.0m lift, 100mm extension, 3 x 3 Bay System 
 
Figure 9.16 (a) shows that failure occurred in one plane at the spigot joints in the 
top lift of the system, while Figure 9.16 (b) shows that the spigotless frame gained 
an extra 8kN of ultimate strength. In this case the vertical standard can cope with 
a higher load, but it was the large 600mm jack extension that caused the system to 
fail. These results show that the spigot joint could be optimised to achieve larger 
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ultimate load capacity in some systems, particularly those with large lift heights 
and small jack extensions.  
 
   
Figure 9.16 Failure mode for 2.0m lift 600mm extension, 3 x 3 Bay system with (a) With Spigot (b) 
Without Spigot 
 
9.13 Conclusion 
 
This investigation into the effect of the spigot connection in scaffolding systems 
(Chapter 9 – Part B), confirmed earlier predictions that it leads to failure. Full 
scale tests (CASE, 2006) proved that the spigot was the cause of failure in 62% of 
tests. These findings were confirmed in calibrated FE models where a 5% increase 
in ultimate strength could be achieved on average by eliminating the spigot joint. 
Nominal finite element models were found to have ultimate strength increases of 
up to 37% in the 2.0m lift, 100mm extension, 3 x 3 Bay system. The effects of the 
spigot were less pronounced in smaller lift heights and larger jack extensions such 
as the 1.0m lift, 600mm extension, 3 x 3 Bay system where there was no 
additional ultimate strength because failure occurred in the top jacks. This 
investigation has proved that it is possible to obtain significant gains in ultimate 
strength by eliminating the spigot. This would require a redesign of the current 
connection so that it would as strong, or stronger, than the vertical standards.  
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CHAPTER 10 - CONCLUSIONS 
10.1 Summary 
 
This thesis documents a comprehensive investigation and advanced analysis of 
stick-type steel support scaffolding systems with cuplok joints. It also describes 
the probabilistic assessment of the strength of steel scaffolding systems using a 
rational statistical framework, and a reliability-based design methodology. In 
doing so the thesis addresses the limit state design of steel scaffolding systems 
and contributes to probability-based design research of support scaffolding 
systems.  
A comprehensive shore load investigation was undertaken to derive new shore 
dead and live load statistics, and it also yielded important results for an 
appropriate live-to-dead load ratio during the critical loading stage (concrete 
pouring) as well as information regarding the qualitative changes required in the 
formwork erection process needed to minimise the variation of shore loads.  
Detailed tests of U-head components were undertaken to quantify the rotational 
stiffness and moment-rotation characteristics of the U-head connection. This 
proved difficult to determine due to the complex interaction of timber formwork 
and steel scaffolding components. The moment-rotation results were incorporated 
into finite element models that were calibrated to eighteen full-scale tests of 3 x 3 
Bay scaffold systems. This process also provided appropriate statistical data for 
modelling error used for probabilistic analysis. 
Monte-Carlo simulations were conducted to determine the statistical distribution 
of strength for a range of support scaffold system configurations. 36 system 
configurations were analysed, from which it was determined that system size 
(number of bays) did not affect the results, rather the jack extension had the 
greatest effect on system strength.  
Using the target reliability results and the derived load statistics, the first-order 
reliability method was utilised to estimate the system resistance factors for load 
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and resistance factor design (LRFD) equations. The system resistance factors 
were found to be similar for all the systems investigated and the selected system 
resistance factor was applied to the current Australian Formwork Standards to 
determine a new gravity limit state LRFD equation                    . 
Moreover, the author was able to derive a safety factor         , for working 
load limit or permissible stress design.  
Finally, this thesis investigated the selective bracing of scaffolding systems in 
order to understand their requirement for structural support. The spigot joint was 
also assessed to determine if replacing the current joint would yield significant 
gains in the ultimate strength for steel support scaffold systems.  
 
10.2 Remarks 
A comprehensive literature review is provided in Chapter 2 and information 
regarding the history, past research, design, and modelling of scaffolding systems 
is presented. There were several critical findings from other authors, including: 
(a) A forensic investigation into the collapse of four steel scaffolding systems 
concluded that overloading, poor design, insufficient strength, and insufficient 
bracing were the main causes of failure. Further, the most critical stage, where 
74% of failures occurred, is during concrete pouring.  
(b) Many current codes of practice, including the Australian standard (AS4100, 
1998) allow the use of advanced analysis which incorporates the inelastic material 
properties and geometric imperfections into the design of the system.  
 
10.2.1 Shore Load Conclusions 
Chapter 3 provided an introduction to shore loading and was a preface to the 
collection of construction dead and live load data detailed in Chapter 4. Chapter 3 
identifies the current requirement for shore loading and identifies some inherent 
inadequacies.  
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(a) The chapter notes that horizontal loads will not be considered in this thesis, 
since the top of the system is assumed to be restrained. This was a requirement of 
the PO, Acrow Formwork and Scaffolding.  
(b) The chapter identifies the limited investigations to derive accurate shore load 
statistics for support scaffold systems. Furthermore, ‘applied load’ data (the focus 
of previous authors) is not required, but the statistics for the ‘load effect’ or actual 
loads that occur in individual steel shores are required. 
(c) The chapter identifies the current statistics for construction loads on temporary 
structures. The relative dead load calculated by previous researchers has a mean 
value ranging between 0.9 and 1.4 and a COV ranging between 0.25 and 0.5. 
From the limited research available, the previously accepted mean-to-nominal live 
load   ̅         with a COV of 0.6 is nominated for comparison with results 
described in Chapter 4.  
 
In Chapter 4, a comprehensive shore load investigation was undertaken to derive 
new shore load statistics because the literature review (Chapter 3) revealed an 
inherent lack of construction shore load data and its difficulty of acquisition. The 
following describes the main findings from a one year site investigation by the 
author where 188 shores were instrumented. 
(a) The chapter summarises the experimental procedure, logistics and equipment 
used to procure the statistical data for each of the ten site surveys. The chapter 
also provides an explanation of the procedure used to record (survey) loads and 
calculate the predicted (nominal) loads. 
(b) In total, 188 shore load results were accumulated during the critical ‘Stage II’ 
(concrete pouring) and it was determined that the construction live load followed 
a Type I extreme distribution with a mean-to-nominal ratio of 0.85 and COV of 
0.6. Further, construction dead loads follow a normal distribution with a mean-to-
nominal ratio of 1.05 and COV of 0.3. These results vary from previous research, 
slightly in the case of dead load, and significantly in the case of live load. This 
variation is thought to be the result of discrepancies in the jack height and poor 
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erection procedures, amongst other factors. Importantly, the statistics for shore 
load reflect typical construction procedures. 
(c) The investigation also yielded important results for the live-to-dead load ratio 
(           ) during concrete pouring, as well as qualitative changes required 
for the formwork erection process in order to minimise the variance in shore 
loads. 
10.2.2 U-head Component Test Conclusions 
Chapter 5 documents the procedure and experimental results pertaining to 43 U-
head formwork subassembly tests performed at the University of Sydney. The 
main findings were as follows: 
(a) The rotational stiffness of the top boundary condition was not significantly 
affected by the moisture content in timber, or the configuration or fixity of the U-
head. The most significant contributor to rotational stiffness was the applied load 
or axial load experienced by the U-head assembly.  
(b) It was determined that the top boundary condition has a rotational stiffness 
linearly proportional to load. The equation                  describes this 
relationship where   is the rotational stiffness (kNcm/rad) and   is applied load 
(kN). Testing equipment could not surpass 27 kN, so it was assumed that the 
rotational stiffness would follow this linear relationship up until a limit or capping 
value. 
(c) A conservative capping value for top rotational stiffness in the x-direction was 
determined as                 . This was based on the following 
contributing factors: (i) it is within the bounds of current literature, (ii) it provides 
the best approximation of ultimate system strength in a calibration exercise 
between full scale tests results and finite element models, (iii) there is very little 
ultimate strength gain above 4000 kN cm/rad, and (iv) stiffness values below 
2000 kN cm/rad were found to be too conservative. 
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10.2.3 FE Model Calibration Conclusions 
In Chapter 6, nonlinear finite element analysis models for support scaffold 
systems were developed and a calibration of these models to full scale tests was 
completed. Eighteen 3 x 3 Bay finite element analysis models with various 
combinations of jack extension and lift height were developed to directly replicate 
their respective full scale test. The following documents the parameters and 
critical findings:  
(a) Finite element models incorporated the main geometric parameters and 
stiffness models for various components of the system including: spigot joints, 
base plate eccentricity, simplified top boundary (U-head) stiffness, brace hook 
stiffness, semi-rigid upright-to-beam connections and load eccentricity. 
(b) A simplified top boundary condition reduced the computational requirement 
of incorporating the true logarithmic moment-rotation relationship into the FE 
models and it proved to be an accurate method for correctly predicting the 
behaviour of the FE models. The ultimate strength results for the simplified 
method were within 3% of the more accurate logarithmic method. Furthermore, 
the load-deflection responses for the simplified method were an almost perfect 
match to the full scale tests for Tests 2 to 18. 
(c) Final calibration of finite element models using the simplified top boundary 
produced ultimate loads within 8% of the full scale failure loads. Furthermore, it 
was found that advanced analysis is an accurate method for predicting load-
deflection responses of support scaffold systems.  
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10.2.4 Monte Carlo Simulation and Probability Model 
Conclusions 
In Chapter 7 the effects of uncertainties in steel scaffolding were assessed to 
determine their effect on the ultimate strength. The following documents the 
methodology and findings from this chapter:  
(a) The parameters that were known to affect the ultimate strength, including the 
material properties, initial geometric imperfections, load eccentricities and joint 
stiffness were incorporated into 36 finite element analysis models. These 36 
models had varying bay size, lift height, and top and bottom jack extension in 
order to best represent the range of geometries possible in support scaffolding 
systems. 
(b) Monte Carlo simulations of these finite element models were completed (more 
than 10,000 advanced analyses) to determine the statistics of system strength. 36 
histograms of ultimate strength were derived. 
(c) Model uncertainty due to advanced analysis was determined by comparing the 
predicted resistance results (Chapter 6) to eighteen full scale tests. Model 
uncertainty contributed to approximately half the overall uncertainty of system 
strength because it had a mean of 1.019 and a COV of 0.06. 
(d) 36 additional finite element models were created using nominal parameters. 
The nominal models were compared to the mean (Monte Carlo) models to 
determine appropriate system resistance statistics which varied from  ̅    
     (systems with small jack extension (100mm), small bay size (1 x 1 bay) and 
large lift height (2.0m)) to  ̅         (systems with large jack extension 
(600mm), large bay size (9 x 9 bay) and small lift height (1.0m)).  
(e) An analysis of the resistance statistics revealed that the COV and mean-to-
nominal values of system strength did not depend on the size of the system; it was 
the jack extension that played the most significant role in system strength because 
failure stemmed from yield stress of the loaded elements. Models with a shorter 
jack extension also suffered from high yield stress causing failure. The 
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contribution of yield stress to the resistance statistics was confirmed in a 
parametric investigation.  
 
Chapter 8 documents the probability theory and statistical parameters used to 
investigate the reliability of support scaffold systems. The chapter documents the 
derivation of appropriate system resistance factors to be used in design in 
accordance with the LRFD gravity load limit state equation:                
(AS3610, 1995). The following identifies the main findings of this chapter: 
(a) Target reliability index values accepted in the literature for both temporary and 
permanent structures were reviewed and       was determined to be the most 
applicable reliability index for steel scaffolding systems. This value was used for 
probabilistic investigation in the chapter. 
(b) The acquired load statistics (Chapter 4) and resistance statistics (Chapter 7) 
were utilised for a FORM calculation to determine the most appropriate system 
resistance factor that can be used for any sized system (up to 9 x 9 Bay) and any 
jack extension (up to 600mm), based on the current limit state equation (AS3610, 
1995). This system resistance factor was determined to be             .  
(c) The new design equation proposed by the author for use in the current limit 
state, gravity load combination for the Australian Standards (AS3610, 1995) is: 
                   . Furthermore, a safety factor         is applicable 
for working load limit or permissible stress design. Using the current American 
Standard for ‘Design Loads on Structures being Constructed’ (ASCE/SEI37-02, 
2002), the new design equation proposed is;                   . 
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10.2.5 Selective Bracing Conclusions 
In Chapter 9, the selective bracing of scaffold systems was investigated, and 
although it ignored the horizontal loads and current bracing requirements of the 
Australian Standards, the requirement for diagonal bracing was investigated and 
the main findings were: 
 (a) The reduction of bracing had been identified by the PO (Acrow Formwork 
and Scaffolding Pty Ltd) as an area requiring investigation. As such, an academic 
investigation of selective bracing was undertaken.  
(b) It was determined that the current level of bracing and the current code 
requirement (brace every level at every 6
th
 bay) may be excessive, particularly in 
low load scenarios. Furthermore, bracing could potentially be tailored to a 
particular ultimate load. Numerous bracing configurations were investigated 
utilising calibrated finite element models (developed in Chapter 6) and 
recommendations from industry. 
(c) Phase One concluded that each frame in the x and y-directions must be braced 
to optimise the load carrying capacity of the system. A 50% bracing reduction 
with only a 3.6% reduction in load carrying capacity was achievable in the 2 x 2 
Bay model but if so much as one frame was not braced, the load carrying capacity 
was reduced by up to 50%.  
 (d) The spigot connection was the cause of failure in 62% of full scale tests 
(CASE, 2006). These findings were confirmed in calibrated FE models where an 
average 5% ultimate strength increase, could be achieved by eliminating the 
spigot connection. Nominal finite element models could achieve ultimate strength 
increases of up to 37% in the 2.0m lift, 100mm extension, 3 x 3 Bay system by 
eliminating the spigot joint. The effects of the spigot were less pronounced in 
smaller lift heights and larger jack extensions. 
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10.3 Recommendations for Future Research 
 
It has been noted from previous scaffold failures and forensic investigations that a 
void forms in the vertical joint (spigot) causing eccentricity in the upper and lower 
elements which leads to P-delta effects (Pisheh, 2009). The contributions of the P-
delta effect were evaluated to increase the internal forces by 40% or more 
(Rutenberg, 1982). The same ‘void’ resulted in similar behaviour of the spigot 
joint in the Supercuplok system and therefore the potential limitations of this 
connection must also be investigated to maximise the load carrying capacity of 
the system. Furthermore, the PO (Acrow Formwork and Scaffolding Pty Ltd) also 
identified that this connection is a weakness in their system and could be 
redesigned to achieve greater system strengths. The spigot investigation in 
Chapter 9 proved that obtaining significant gains in the ultimate strength is 
possible by eliminating the spigot, but eliminating this joint would require 
redesign of the current connection to be as strong as, or stronger than the vertical 
standards. Therefore, future research into this joint is suggested. 
A significant limitation of current SuperCuplok scaffolding systems is the 
standard-to-ledger joint stiffness, particularly in the horizontal plane. Hence an 
improvement in the standard-to-ledger joint stiffness is required to increase the 
strength of support scaffold systems. Research into a new design or a modification 
of existing Cuplok joints is needed to improve this joint stiffness, especially in 
horizontal plane bending. 
The investigation of shore load indicated that further research is required to 
understand how discrepancy in the jack height occurs which also leads to 
variations in the load. It would also be useful to investigate the effects of 
settlement in shores and determine what effect re-shoring has on relative shore 
loads.  
This thesis included an analysis of the target reliability index for steel scaffolding 
systems even though there was a distinct lack of data for the reliability of systems 
compared to the abundance of member reliability data. Therefore, future research 
could encompass a more accurate determination of the reliability index for steel 
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scaffolding systems. Furthermore, the lack of debate in the engineering 
community regarding what is an acceptable probability of failure for temporary 
structures could also be investigated. 
The reliability index that was determined in this thesis is in fact a ‘static index’ 
because it does not consider the variable of duration which is a parameter in the 
overall probability of failure of support scaffolding systems. Due to the 
complexity and lack of statistical information concerning construction loads, the 
duration and frequency of these loads was not considered in this thesis despite that 
duration and frequency of load are key factors of concern and peak load 
intensities of short duration are known to cause failure (Hadipriono, 1987). As 
such, future research should consider the time critical nature of load.  
Another possible area for future research is to investigate the requirement for 
horizontal loads in combination with gravity loads. There is argument from the 
scaffolding industry that the horizontal loads detailed in the Australian Formwork 
Standards (AS3610, 1995) are unnecessary because any horizontal load imposed 
at the slab level (top node of the scaffolding system) is resisted by a number of 
stiff elements such as pre-poured slabs and columns, shear walls, lift cores, and 
temporary crane towers. This argument would need to be researched more 
thoroughly.  
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APPENDIX 
APPENDIX 1 - REVIEW OF FORMWORK AND LOAD 
PUBLICATIONS  
In chronology – Adopted from (Ikaheimonen, 1997). 
 
Author/s  (Year) Literary Review of Formwork and Loading 
Publications 
Nielsen (1952) Investigated load distribution throughout slabs as 
a result of formwork systems.   Nielson measured 
shore loads on various sites, however after the 
concrete had been poured. Developed theoretical 
models for load distribution between slabs and the 
standards. Nielson also investigated and measured 
shore loads in scale models of formwork, varying 
the moisture content in the formwork. 
Backsell and 
Hammarlunnd  (1959) 
Developed initial formwork design calculations 
for traditional slab formwork. 
Grundy and Kabaila 
(1963) 
Published new design calculations for loads on 
standards and slabs. 
Backsell et al. (1966) Published design charts for formwork, based on 
earlier research. 
Marosszeky (1972) Explained a Swedish construction technique 
whereby the lower level slab carries its own 
weight prior to the pouring of the slab above it. 
This technique ensures that loads on reshores 
(below the level being shored) will never be 
higher than the loads on the shores above.  
Agarwal and Gardner 
(1974) 
Measured on site loads in shores after pouring had 
occurred. Obtained good agreement with the 
simplified method developed by Grundy and 
Kabaila (1963). Their research focused on the 
distribution of load between shores and slabs in 
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multistorey buildings. 
Richardson (1997) Determined that there can be up to 40mm 
eccentricity and up to 1° inclination from the 
vertical, in loaded shores. Further, determining 
that these shores have 60% of the loadbearing 
capacity of vertical, non-eccentrically loaded 
shores. 
Mohammed and Simon 
(1979) 
Utilised and altered the Grundy & Kabaila 
Simplified method to include a live load of 2.4 
kPa during the pour.  
To confirm the size of the live load, they also 
measured live loads in four shores during a site 
pour. 
Gardner (1979) Concluded that the load on slabs increases with 
the number of storeys which are shored. 
Recommended that one storey of shores should be 
used. 
Chen and Liu (1982) Investigated the effects of imperfections in shores. 
Fattal (1983)  Was the first researcher to measure loads in 
standards whilst concrete was being poured. 
Importantly he failed to measure the initial load 
due to timber formwork in the shores. Assuming 
that the large variations in relative shore loads 
occurred due to differential levels of jacking in 
standards.  
 
Sbarounis (1984) Furthered the Grundy & Kabaila method to 
include slab stiffness reductions as a result of 
cracking.  
Gardner (1985) Investigated and developed a new methodology 
for calculating the load in shored multistorey 
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buildings. 
McAdam (1985) Investigated how creep in concrete and the 
stiffness in shores, effects slabs in multistorey 
structures. 
Lew (1985) Postulated that; due to the distinct lack of 
statistical data relating to loads on formwork 
during construction (i.e. what this thesis is 
investigating), the partial factors method could not 
be validated. 
Liu and Chen (1985) 
Liu, Chen and Bowman 
(1985a) 
Developed a three dimensional computer model to 
calculate maximum shore loads and loads in slabs 
for multistorey buildings. 
 
Liu, Chen and Bowman 
(1985b) 
Through an analysis of the Grundy Kabaila 
method, they proposed a correction factor of 1.05-
1.10 should be utilised.  
Hurd and Courtois 
(1986) 
Developed a revised method for calculating loads 
in shores. 
Gardner and Chan 
(1986) 
Results of an analysis into shoring techniques 
showed that shore loads are higher, but permanent 
deformation in slabs is reduced, by using 
progressive re-shoring.  
Gross and Lew (1986) Developed a revised computer model to calculate 
shore loads in multistorey construction.  
 
Liu, Chen and Bowman 
(1986) 
Proposed a correction factor to the ‘simplified 
method’ in the order of 1.05 – 1.10. Further 
investigated the failure of shores and its effect n 
the system.  
Aguinaga-Zapanta and 
Bazant (1986) 
Similar to McAdam (1985), they devised a 
method to calculate shore loads where the effects 
of creep were included. Determined that creep has 
Appendix 
    ______________________________________________________________ 
 
305 
only minor effects on shore load.  
Liu and Chen (1987a) Used the ‘refined 3D’ model to determine that 
creep in slabs had little effect on loads in shores. 
The loads on slabs and shores are reduced by 
approximately 5-10%.  
Liu and Chen (1987b) Furthered research from (1987a) utilising their 3D 
model to investigate the change in maximum 
shore load by varying the elastic modulus, 
curvature, inclination, load eccentricity et cetera 
of the shore. 
Liu, Lee and Chen 
(1988) 
Used the Grundy & Kabaila ‘simplified method’, 
to create a computer program calculating loads in 
slabs and shores. 
 
Liu, Lee and Chen 
(1989) 
Developed simplified rules for optimising the 
number of shores and reshores depending on slab 
strength. 
Karshenas and Ayoub 
(1989) 
Calculated the load effect due to stacked materials 
on newly poured slabs. Investigated 20 full-scale 
structures to make measurements.  
Gardner and Muscuti 
(1989) 
Used the Grundy & Kabaila ‘simplified method’, 
to create a computer program calculating loads in 
slabs and shores in multistorey buildings. The 
program was also able to check the strength 
development of slabs. 
El-Sheikh and Chen 
(1989) 
Investigated the ultimate shore loads using two-
dimensional computer models in multistorey 
buildings.  
Stivaros and Halvorsen 
(1990, 1991) 
Formulated a more accurate method for 
calculating load distribution in shores which 
generated better agreement than previous models 
with real structures.  
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Gardner (1990) Wrote that long term deformations in the finished 
slab are dependent on the load they were subjected 
to during construction, when these cracked due to 
high loads and low strength.  
Mosallam and Chen 
(1991) 
Compared the two-dimensional computer model 
with the Grundy-Kabaila method. In the two-
dimensional model they also take into 
consideration that change in load distribution 
when a new slab is poured. They showed that the 
Grundy-Kabaila method gives excessive loads for 
slabs and shores, due mainly to the assumption 
that shores are infinitely rigid, and because no 
account is taken of the change in load distribution 
when a new slab is poured. 
Lee, Liu and Chen 
(1991) 
Presented a method for the calculation of loads on 
slabs and shores in multistorey buildings in which 
the calculations allow for creep and other time 
dependent effects in the materials. 
Lee, Chen and Liu 
(1992) 
Studied the loads due to motorised concrete 
dumpers on formwork using calculation models. 
They found that a load of 4.06 kN/m² is more 
realistic than the present 3.58 kN/m². 
Stivaros and Halvorsen 
(1992) 
Compared the equivalent frame method EFM with 
the simplified Grundy-Kabaila method. They 
show with an example calculation where the 
reshores are of timber that the simplified method 
misjudges the load effect on floor slabs which are 
seven days old and thus leads to unsafe 
assumptions. 
Ashraf, El-Shahhat and 
Chen (1992) 
Developed an ‘improved analysis’ for shored 
multistorey buildings which, in contrast to the 
‘refined’ analysis, includes the accumulated 
deformations due to the loads from previous 
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poured slabs. 
Peng, Rosowsky, Pan 
and Chen (1993) 
Developed a structural model and a loading model 
for a tower during the construction stage, and a 
probabilistic design procedure for this. 
Peng (26) studied double layer timber scaffolding 
systems, particularly with respect to how the load 
carrying capacity was affected by the length of 
horizontal timber stringers, vertical shores, the 
stiffness of stringers and the position of strong 
shores. It was determined that the load carrying 
capacity of a system could be increased by adding 
strong shores (vertical shores with horizontal 
bracing).  
Ambrose, Huston, Fuhr, 
Devino and Werner 
(1994) 
Measured shore loads on models of formwork.  
Ayoub and Karshenas 
(1994) 
Investigated loads on formwork before concreting. 
They made a thorough survey of 22 structures 
where they weighed and surveyed all loads on the 
formwork and then calculated an equivalent 
uniformly distributed load. 
Karshenas and Ayoub 
(1994a) 
Developed a probabilistic model for live loads on 
a newly poured concrete slab. 
Karshenas and Ayoub 
(1994b) 
Studied loads on formwork before concreting. 
They made a thorough survey of 22 structures 
where they weighed and surveyed all loads on the 
formwork and then calculated an equivalent 
uniformly distributed load. 
Karshenas and Heinrich 
(1994) 
Developed a theoretical ‘single-degree of 
freedom, variable mass, dynamic model’ to 
calculate the dynamic load due to skip discharges 
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on a traditional timber formwork for a slab. They 
also carried out laboratory tests in which concrete 
was discharged from a skip at different heights 
above a model of a traditional timber formwork. 
Rosowsky, Huang, Chen 
and Yen (1994) 
Studied what effect the advance of the pouring 
front had on shore loads, i.e. the way concrete was 
progressively placed on the formwork. They 
carried out field studies in 19 buildings in Taiwan. 
One storey per building was analysed by recording 
the work on video. They could distinguish 
between 5 pouring routes when the slabs were 
poured. They also built a full scale model of a 
formwork. In order to simulate concreting, they 
placed containers with water on the different 
pouring routes to study the effect on shore loads. 
Duan and Chen (1995a) Studied the effect of creep on shore loads. 
Peng, Rosowsky, Pan, 
Chen, Chan and Yen 
(1996) 
Presented a ‘simplified analysis procedure’. The 
method is based on influence areas for the 
calculation of shore loads, and yields values of 
shore loads which differ by no more than 5% from 
the labour intensive and complex 3-D model. The 
method does not take account of discontinuities in 
the formwork or differences in ‘prestressing’ 
between shores prior to concreting. 
Peng, Yen, Lin, Wu and 
Chen (1996) 
Carried out broadly the same tests as Rosowsky, 
Huang et al. (1994), but they used sandbags 
instead of water, and the different pouring routes 
had little influence on the magnitude of shore 
loads. 
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Kamala, Dickens and 
Pallet (1996) 
Measured loads on shores in two structures. In the 
first structure the loads were measured on nine 
shores and the loads were in good agreement with 
those calculated, except for two of the shores 
where the relative shores loads were 0.88 and 
1.28. The authors said that uneven prestressing 
was a possible reason for this. At the other 
structure the shore loads were not reported, but the 
authors stated that the variations could be 
attributed to uneven prestressing. 
Duan and Chen (1996) Gave guidelines for the design of safe formwork. 
Catala Moragues and 
Pellicer (1996) 
Made a FEM analysis of shore loads in two 
multistorey buildings. These loads were compared 
with loads measured on shores and reshores. Their 
conclusions were that the ‘simplified’ method can 
usually be employed in designing shore loads in 
multistorey buildings. 
Philbrick Rosowsky and 
Huston (1997) 
Analysed shore loads measured in three structures. 
Continuous measurements were made (sampling 
frequency 100 Hz). There was relatively large 
scatter in the relative shore loads they obtained. 
Zhang (2012) In a paper produced at the University of Sydney 
(R905), there were a range of other factors 
identified which were deemed to effect the load 
carrying capacity of the scaffolding system. These 
include the bracing arrangement, ground 
irregularities and load eccentricity.  
 
Yu et al. (2010) An investigation into the resistance or load 
carrying capacity of scaffolding was performed by 
Yu et al .(2010) , to investigate how boundary 
conditions and the number of storeys affected the 
aforementioned. Scaffolds of up to three storey’s 
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were analysed and it was determined that the load 
carrying capacity of two and three-storey scaffolds 
was only 85% and 80% of a single storey scaffold, 
respectively, due to the large variation in buckling 
behaviour. Furthermore, the load carrying capacity 
varies between 50%-120% in experimental tests 
where the top and bottom boundary conditions 
were altered.  
 
Appendix Table 1:Chronological Review of Formwork and Load Publications (Adopted from 
(Ikaheimonen, 1997). 
 
APPENDIX 2 - RELATIVE SHORE LOAD RESULTS  
 
Formwork	 Concrete Total Formwork	 Concrete Total Formwork	 Concrete Total Formwork	Concrete Total Formwork	Concrete Total
Load	Cell	1 1.24 1 1.02 4.15 0.91 1.02 0.65 0.58 0.58 2.42 0.9 1 1.13
Load	Cell	2 0.91 0.97 0.97 2.74 0.85 0.92 0.69 0.85 0.83 1.25 0.78 0.82 0.26
Load	Cell	3 3.88 1.11 1.28 2.05 0.65 0.7 1.45 1.1 1.13 1 0.72 0.73 0.56
Load	Cell	4 2.36 1.14 1.22 2.56 0.81 0.88 0.72 0.93 0.91 0.94 1.01 1 0.88
Load	Cell	5 1.41 0.93 0.96 3.15 1.2 1.27 0.8 0.38 0.42 0.68
Load	Cell	6 0.53 1.17 1.13 2.1 1.22 1.25 1.7 0.77 0.85 0.84
Load	Cell	7 2.56 0.68 0.75
Load	Cell	8 1.83 0.69 0.73
AVG 1.722 1.053 1.097 2.643 0.876 0.940 1.002 0.768 0.787 1.403 0.853 0.888 0.725
STD	DEV 1.223 0.099 0.135 0.742 0.225 0.225 0.454 0.257 0.251 0.691 0.129 0.135 0.299
COV 0.710 0.094 0.123 0.281 0.256 0.239 0.453 0.334 0.320 0.493 0.151 0.152 0.412
Formwork	 Concrete Total Formwork	 Concrete Total Formwork	 Concrete Total Formwork	Concrete Total Formwork	Concrete Total
Load	Cell	1 1.59 1.23 1.31 1.36 1.49 1.46 0.28 0.91 0.86 0.51 0.91 0.86 1.525 1.007 1.014
Load	Cell	2 1.09 1.16 1.14 1.55 1.09 1.2 0.5 0.8 0.78 0.46 0.87 0.84 1.149 0.848 0.938
Load	Cell	3 0.44 0.88 0.78 1.1 1.07 1.08 1.25 0.99 1.01 0.78 0.76 0.76 1.494 0.871 0.934
Load	Cell	4 1.24 1.13 1.16 0.22 0.24 0.24 0.53 0.87 0.85 1.26 1.15 1.16 1.229 0.907 0.928
Load	Cell	5 1.05 1.31 1.25 0.18 0.14 0.15 0.67 0.75 0.75 0.19 0.73 0.69 1.064 0.765 0.784
Load	Cell	6 1.04 1.53 1.42 0.7 0.35 0.42 1.2 0.98 1 0.92 1.12 1.1 1.170 0.998 1.024
Load	Cell	7 1.18 1.07 1.08 0.8 0.94 0.93 1.513 0.897 0.920
Load	Cell	8 0.49 0.86 0.84 0.03 0.86 0.8 0.783 0.803 0.790
Load	Cell	9 0.47 0.98 0.94 1.11 1.09 1.09 0.790 1.035 1.015
Load	Cell	10 1.84 0.68 0.77 1.26 1.08 1.09 1.550 0.880 0.930
Load	Cell	11 0.53 0.71 0.7 0.41 0.97 0.94 0.470 0.840 0.820
Load	Cell	12 0.53 0.88 0.85 1.06 1.02 1.02 0.795 0.950 0.935
AVG 1.075 1.207 1.177 0.852 0.730 0.758 0.763 0.904 0.896 0.733 0.958 0.940 AVG 1.128 0.900 0.919
STD	DEV 0.374 0.215 0.220 0.580 0.558 0.556 0.466 0.121 0.116 0.412 0.138 0.153 STD	DEV 0.358 0.084 0.083
COV 0.348 0.178 0.187 0.681 0.764 0.733 0.611 0.134 0.130 0.562 0.144 0.162 COV 0.318 0.093 0.090
Test	6	-	Hagerstein
Test	1	-	Bridge	B600 Test	2	-	Bridge	B581 Test	3	-	Bridge	B580 Test	4	-	Bridge	Nykvarn
AverageTest	7	-	Hagerstein	II Test	8	-	Lidingo	flats Test	9	-	Lidingo	II	flats
Test	5	-	Skytteparken
 
Appendix Table 2: Relative Shore Load Results (adopted from (Ikaheimonen, 1997)) 
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APPENDIX 3 – FACTORS AFFECTING SHORE LOAD 
RESULTS  
 
Bearer Continuity Effects 
Bearer continuity occurs as a result of overlapping bearers in a U-head. The 
phenomenon occurs as a result of the end projecting portion of a bearer attracting 
load as the beam deforms and deflects upwards as seen in Appendix Figure 1. The 
result is a higher load in the centre standard. It is estimated by researchers 
(Ikaheimonen, 1997) that this load attraction generates 55% to the centre standard 
and 45% to the outside standards.  
 
                          
 
Appendix Figure 1: Bearer Continuity Effects (Adopted from Ikaheimonen (1997) 
It was expected that there would be noticeable bearer continuity based loading 
discrepancies in results, as indicated by other research. There were instances 
where this was the case, however in general, there were larger forces at play. 
Namely discrepancies in jack height, which had a much more significant effect on 
loading results. As seen in Appendix Figure 2, there is a central row of Bearers 
(Orange timbers), and in general it was clear that an unequally distribution of load 
sharing was occurring. As some load cells displayed relative dead and live loads 
which were significantly higher than adjacent load cells.  
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Appendix Figure 2: Site 3 Investigation 1 showing the central row LC7-LC10 between two concrete 
beams 
It is apparent where timber bearers were used to support deep concrete beams, that 
the tributary area method did not accurately calculate nominal loads. In a number 
of investigations the center U-head of a three bearer support took more load than 
anticipated. This is easy to understand, since the left, center and right jack would 
take 0.5L, 1.0L and 0.5L by the tributary area method, similar to the reactions in 
Appendix Figure 1. However in actuality by engineering principles the reactions 
at each point in Appendix Figure 1 are 0.375L, 1.25L and 0.375L, respectively 
from left to right. It is argued by the authors, that a factor equal to 1.25, should be 
impounded into the design of the system for the central jack in a bearer run 
(Appendix Figure 1) where it exists under a concrete beam.    
 
Affects of Post Tension (PT) Cables 
There are some distinct spikes in all data occurring after the first 24hours of data 
acquisition. These are known to correlate to the times when the Post Tension (PT) 
cables within slabs and beams are tightened by the PT subcontractor, using a 
pneumatic jack. Generally this occurs 24 hours after the pour, where each PT 
strand is tensioned to 25% of its working tension. This arguably causes the 
permanent structural system to alter its pre-existing load paths and hence a change 
in load cell data is observed. This change in load path is clearly visible at hour 28 
of S3I2. A drop in load magnitude occurs across all load cells in the order of 
200kg in slabs to 500kg in beams, with some dropping further than others, 
however with no apparent correlation. Since no load appears to come back on 
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after stressing, it is apparent that the load has been redistributed. Since the drape 
of PT is designed to sag through slabs and beams and hog over columns, it is 
intuitive to assume that this load redistribution is most likely to occur down 
through the concrete columns.  
The Post Tension cables are then stressed to their full 100% stressing load when 
the concrete has achieved 22MPa for 12.7mm strands and 25MPa for 15.2mm 
strands. This occurs typically 4 days after the pour as the standard P/T slab mix is 
a 22MPa at 4 days, mix. The 100% stressing load can be observed in S2I1 at 
450,000 seconds(125 hours or 5.2days). There is a significant load reduction in 
each load cell dropping 1000kg on average. It is also apparent that after the PT 
cables have been stressed there is a minor increase in load and this is postulated to 
be due to elastic relaxation of cables as seen in S1I4.   
 
Load from Stacked materials 
It can be clearly seen in the loading histograms from each tests that there are daily 
spikes approximately 24hours after the day of the pour. These peaks in load occur 
as workers, equipment and stacked materials, traffic the new slab. Quite 
surprisingly, in some circumstances, there was as little as 15hours curing time 
before the slab was trafficked by workmen the following day. Typically these 
additional loads caused spikes in the load cell that were higher than the previous 
days pour loads, however these results were not considered to be during the 
critical Stage II, rather Stage III (as per AS 3610) and thus not statistically 
considered. It is important to understand that load spikes and peaks occurring 24 
hours or more after the pour were not considered critical. This was due to the fact 
that the concrete had 24 hours to set and therefore had gained strength in the order 
of 10-15MPa (in a 40MPa concrete mix).  
The non-critical nature of these secondary peaks in shore load can be identified by 
the following analogy. If a truck were to drive through the scaffolding system 
below and eliminate a full bay, the concrete slab would most likely be able to hold 
its own weight after a day of curing, with 10-15MPa strength. As such peak loads 
occurring after 24 hours were not considered.  
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Although not directly related to this thesis (since they occur in the “non-critical” 
Stage III of construction), stacked materials loads were recorded in almost all ten 
site investigations. In most cases, materials such as PT cable bundles and 
scaffolding system components including timber formwork, steel reinforcement et 
cetera, was stacked on the new slab the day after a pour (i.e. 24 hours after the 
pour), see Appendix Figure 3. The loading effects and peak loads caused by 
materials being craned or forklifted onto a new slab (which still had load cells and 
scaffolding supporting it below) can be seen in most of the loading histograms 
around 24 hours after the pour (seen in Appendix Figure 4). It is prudent to 
understand that the spikes occurring between hour 20 and 30 are due to impact 
forces on particular load cells. The load is then distributed through the slab and 
into a number of shores which may be affected by the impact. This phenomenon 
is seen as a general increase in all load cells during the 20-30hour period. For 
example, it can be seen in S1I1 that after 80,000 seconds (22hrs) there is a distinct 
200kg increase in load cells. The increase in load of 200kg is due to stacked 
materials being placed in the early morning.  
 
                                                
Appendix Figure 3 Stacked Materials 24hours after pouring 
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Appendix Figure 4: Loading spikes and increased load from stacked materials 
 
Pouring Slab with Kibble (Bucket) 
A kibble was used on Merrylands site one (S1I4), it was used to finish of the slab 
as not enough concrete was pumped from the last truck. Hence a new truck filled 
up the one cubic meter kibble and deposited the required concrete to the slab via 
crane. As is noted in Appendix Figure 5, the kibble is depositing at a height of 
approximately 300mm from the top of the slab. This was the maximum drop 
height the kibble achieved and in terms of impact loading and mounding effects it 
is quite obvious that they would be minimal. Unfortunately no load cell existed 
beneath the bucket drop site. In any case an analytical check of the load resulting 
from this impact event was performed. 
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Appendix Figure 5 Kibble (Bucket) in use at S1I4 
 
Force calculation (conservative) 
                                            
       
  
           
            
 
  
 
              
Thus the additional load in this case is only 0.14kN or 0.5% of average leg loads, 
and will therefore be ignored. Note the acceleration coefficient is a conservative 
assumption based on the fact that the kibble shute is angled at approx. 60 degrees 
from horizontal and conservative estimates for friction and viscosity of concrete.  
 
Concrete Mounding effect  
From a visual inspection of concrete mounding occurring during pouring by both 
pump or kibble and from photographic evidence collected during site 
investigations, the effect of mounding concrete can be calculated as:  
  
 
 
             
  
 
 
                        
    
  
            
Overall Load = Impact forces (above) + mounding effects 
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It must be noted that the mounding effects alone considered by AS 3610 is 
                             Hence, the standard seems to estimate the 
overall load from impact and mounding forces quite well. 
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APPENDIX 4 - ALL SHORE LOAD TEST DATA  
 Site One Investigation One_ 21/6/2011 
Formwork  Bearers and metal decking (Bondek or similar) between traditionally 
formed beams. (Figure 2-6) 
Slab 210mm and 250mm on either side of 600mm deep beam. 
Reinforcement No mesh in slab, typical reinforced beams  
Post 
Tensioning: 
5 PT strand per duct. Ducts at 1.5m centres in both directions across 
slab. 4 ducts per beam. 
Beams 600 x 1800  
Grid Spacing 8.7m  
 
 
Appendix Figure 6: (a) Underside of Concrete Pour (b) Topside of Pour 
 
  
 
Appendix Figure 7: Load Cell Configuration with DL and LL Ratio's for Investigated area 
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Appendix Figure 8: Site 1 Pour 1, Loading Histogram, All Load Cells 
Site One Investigation Two _ 30/6/2011 
 
 Site One Investigation Two_ 30/6/2011 
Formwork  Traditional Formwork consisting of Bearers and Joists at 
approximately 400cts. Traditionally formed beams. 
Slab 170mm on either side of 600mm deep beam.  
Reinforcement No mesh in slab, typical reinforced beams  
Post 
Tensioning: 
5 PT strand per duct. Ducts at 1.5m centres in both directions across 
slab. 4 ducts per beam. 
Beams 600 x 1800  
Grid Spacing 8.7m  
 
 
Appendix Figure 9: (a) Underside of Concrete Pour (b) Topside of Pour 
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Appendix Figure 10: Load Cell Configuration with DL and LL Ratio's for Investigated area 
 
 
Appendix Figure 11: Site 1 Pour 2, Loading Histogram, All Load Cells 
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 Site One Investigation Three _ 24/7/2011 
Formwork  Bearers and metal decking (Bondek or similar) between traditionally 
formed beams. 
Slab 170mm on either side of 350mm deep beam.  
Reinforcement One layer of mesh in slab, typical reinforced beams  
Post 
Tensioning: 
5 PT strand per duct. Ducts at 1.5m centres in both directions across 
slab. 4 ducts per beam. 
Beams 350 x 1800  
Grid Spacing 8.7m  
 Carpark slab – hence falls to drains  
 
 
Appendix Figure 12: (a) Underside of Concrete Pour (b) Topside of Pour 
 
 
Appendix Figure 13: Load Cell Configuration with DL and LL Ratio's for Investigated area 
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Appendix Figure 14: Site 1 Pour 3, Loading Histogram, All Load Cells 
Site One Investigation Four _ 29/7/2011 
 
 Site One Investigation Four _ 29/7/2011 
Formwork  Bearers and metal decking (Bondek or similar) between traditionally 
formed beams. 
Slab 200mm on either side of 350mm deep beam. 
Reinforcement No mesh in slab, typical reinforced beams 
Post 
Tensioning: 
5 PT strand per duct. Ducts at 1.5m centres in both directions across 
slab. 5 ducts per beam. 
Beams 600 x 1800  
Grid Spacing 8.7m  
 Carpark slab – hence falls to drains  
 
 
Appendix Figure 15: (a) Underside of Concrete Pour (b) Topside of Pour 
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Appendix Figure 16: Load Cell Configuration with DL and LL Ratio's for Investigated area 
 
Appendix Figure 17: Loading Histogram for all Load cells (96hr Duration) 
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Appendix Figure 18: Loading Histogram for all Load cells (40hr Duration) 
 
 
 Site Two Investigation One _  
Formwork  Traditional Formwork consisting of Bearers and Joists at 
approximately 400cts. Traditionally formed beams. 
Slab 210mm and 250mm on either side of beam. 
Reinforcement N12’s at 300 centres in both directions.   
Post 
Tensioning: 
5 PT strand per duct. Ducts at 1.5m centres in both directions across 
slab. 5 ducts per beam. 
Beams 600 x 1200  
Grid Spacing 8.7m  
 
 
Appendix Figure 19: (a) Underside of Concrete Pour (b) Topside of Pour 
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Appendix Figure 20: Load Cell Configuration with DL and LL Ratio's for Investigated area 
 
 
Appendix Figure 21: Site 2 Pour 1, Loading Histogram, All Load Cells 
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Appendix Figure 22: Site 2 Pour 1, Loading Histogram, All Load Cells 
 
 Site Two Investigation Two _ 4/1/2012 
Formwork  Bondek metal decking between traditionally formed beams. 
Slab 210mm and 250mm on either side of beam. 
Reinforcement No Mesh in slab, typical reinforced beams 
Post 
Tensioning: 
5 PT strand per duct. Ducts at 1.5m centres in both directions 
across slab. 5 ducts per beam. 
Beams 600 x 1800  
Grid Spacing 8.5m  
  
 
Appendix 
    ______________________________________________________________ 
 
327 
 
Appendix Figure 23: Topside of Pour 
 
Appendix Figure 24: Load Cell Configuration with DL and LL Ratio's for Investigated area 
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Appendix Figure 25: Site 2 Pour 2, Loading Histogram, All Load Cells 
 
Appendix Figure 26: Site 2 Pour 2, Loading Histogram, All Load Cells 
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 Site Three Investigation One _ 11/4/2012 
Formwork  Bondek metal decking between traditionally formed beams. 
Slab 210mm  
Reinforcement No Mesh in slab, typical reinforced beams 
Post 
Tensioning: 
5 PT strand per duct. Ducts at 1.5m centres in both directions across 
slab. 5 ducts per beam. 
Beams 600 x 1800  
Grid Spacing 8.7m  
  
 
 
Appendix Figure 27: (a) Underside of Concrete Pour (b) Topside of Pour 
 
 
 
Appendix 
    ______________________________________________________________ 
 
330 
 
 
 
Appendix Figure 28: Load Cell Configuration Site 3 Pour 1 
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Appendix Figure 29: Load Cell Configuration with DL and LL Ratio's for Investigated area 
 
 
Appendix Figure 30: Site 3 Pour 1, Loading Histogram, All Load Cells 
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Appendix Figure 31: Site 3 Pour 1, Loading Histogram, All Load Cells 
 
 
 Site Three Investigation Two _ 26/4/2012 
Formwork  Traditional Formwork consisting of Bearers and Joists at 
approximately 400cts.  
Slab 170mm  
Reinforcement No Mesh in slab, typical reinforced beams 
Post 
Tensioning: 
5 PT strand per duct. Ducts at 1.5m centres in both directions. 5 ducts 
per beam. 
Beams 600 x 1800 and 700 x 1800 
Grid Spacing 8.7m  
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Appendix Figure 32: (a) Underside of Concrete Pour (b) Topside of Pour 
 
 
Appendix Figure 33: Load Cell Configuration 
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Appendix Figure 34: Load Cell Configuration with DL and LL Ratio's for Investigated area 
 
 
Appendix Figure 35: Site 3 Pour 2, Loading Histogram, All Load Cells 
Appendix 
    ______________________________________________________________ 
 
335 
 
Appendix Figure 36: Site 3 Pour 2, Loading Histogram, All Load Cells 
 
 
 Site Three Investigation Three _ 3/5/2012 
Formwork  Bondek metal decking between traditionally formed beams. 
Slab 170mm  
Reinforcement One layer of mesh in slab, typical reinforced beams 
Post 
Tensioning: 
5 PT strand per duct. Ducts at 1.5m centres in both directions across 
slab. 5 ducts per beam. 
Beams 600 x 1800  
Grid Spacing 8.7m  
 Concrete columns poured prior (i.e. were dry) 
Carpark slab –falls to drain points 
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Appendix Figure 37: Underside of Pour, Formwork 
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Appendix Figure 38:Load Cell Configuration 
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Appendix Figure 4.39: Load Cell Configuration with DL and LL Ratio's for Investigated area 
 
 
Appendix Figure 40: Site 3 Pour 3, Loading Histogram, All Load Cells 
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Appendix Figure 41: Site 3 Pour 3, Loading Histogram, All Load Cells 
 
 
 Site Three Investigation Four _ 9/5/2012 
Formwork  Bondek metal decking between traditionally formed beams. 
Slab 200mm  
Reinforcement One layer of mesh in slab, typical reinforced beams 
Post 
Tensioning: 
5 PT strand per duct. Ducts at 1.5m centres in both directions across 
slab. 5 ducts per beam. 
Beams 600 x 1800  
Grid Spacing 8.7m  
 Columns: poured prior – dry conc 
Carpark slab – therefore falls TO DRAIN POINTS 
Non-typical arrangement 
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Appendix Figure 42: Underside of Pour, Formwork 
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Appendix Figure 43: Load Cell Configuration 
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Appendix Figure 44: Load Cell Configuration with DL and LL Ratio's for Investigated area 
 
 
Appendix Figure 45: Site 3 Pour 4, Loading Histogram, All Load Cells 
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Appendix Figure 46: Site 3 Pour 4, Loading Histogram, All Load Cells 
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APPENDIX 5 – SURVEYED AND PREDICTED LIVE AND 
DEAD LOAD STATISTICS 
 
Site 
1 
Pour 
1 
Surveyed 
Dead 
Load 
Surveyed 
Live 
Load 
Surveyed 
Peak 
Load 
Tribut
ary 
Area 
Predict
ed Dead 
Load 
Predict
ed Live 
Load 
Predict
ed Peak 
Load  
  kN kN kN sqm kN kN kN 
Load 
Cell 
# (ii) (iii) 
=(ii) + 
(iii)   (iv) (v) 
=(iv) + 
(v) 
1 16.063 2.128 18.191 2.837 13.421 2.837 16.257 
2 17.740 2.265 20.006 2.324 13.091 2.324 15.415 
3 9.159 1.461 10.621 1.930 7.394 1.930 9.324 
4 11.503 3.266 14.769 1.930 7.394 1.930 9.324 
5 8.218 3.403 11.621 2.837 10.864 2.837 13.701 
6 9.934 3.236 13.170 2.837 13.421 2.837 16.257 
7 9.365 3.619 12.984 1.930 9.134 1.930 11.064 
8 11.219 3.638 14.857 2.837 13.421 2.837 16.257 
9 10.042 3.413 13.455 2.837 13.421 2.837 16.257 
10 11.131 3.521 14.651 2.837 13.421 2.837 16.257 
11 12.101 1.089 13.190 2.324 8.902 2.324 11.226 
12 12.847 1.304 14.151 2.324 8.902 2.324 11.226 
13 11.219 3.001 14.220 2.837 13.421 2.837 16.257 
14 14.426 1.961 16.387 2.324 8.902 2.324 11.226 
15 15.475 2.040 17.515 2.324 8.902 2.324 11.226 
16 13.259 2.442 15.700 2.837 13.421 2.837 16.257 
17 8.179 2.893 11.072 2.837 13.421 2.837 16.257 
18 10.052 3.432 13.484 2.837 10.864 2.837 13.701 
19 14.180 1.726 15.906 2.324 19.898 2.324 22.222 
20 13.013 1.844 14.857 2.324 12.044 2.324 14.368 
ME
AN 11.956 2.584 14.540   11.683 2.521 14.204 
COV 0.222 0.329 0.161   0.256 0.138 0.224 
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Site 
1 
Pour 
2 
Surveyed 
Dead 
Load 
Surveyed 
Live 
Load 
Surveyed 
Peak 
Load 
Tribut
ary 
Area 
Predict
ed Dead 
Load 
Predict
ed Live 
Load 
Predict
ed Peak 
Load  
  kN kN kN sqm kN kN kN 
Load 
Cell 
# (ii) (iii) 
=(ii) + 
(iii)   (iv) (v) 
=(iv) + 
(v) 
1 19.829 1.569 21.398 2.324 10.829 2.324 13.153 
2 23.899 1.294 25.193 2.324 21.879 2.324 24.203 
3 24.605 1.618 26.223 2.324 21.879 2.324 24.203 
4 10.209 1.716 11.925 2.324 10.829 2.324 13.153 
5 14.033 2.726 16.760 2.837 13.216 2.837 16.053 
6 19.957 2.854 22.810 3.349 15.604 3.349 18.953 
7 6.453 1.638 8.090 2.324 10.829 2.324 13.153 
8 8.189 2.442 10.630 2.837 13.216 2.837 16.053 
9 17.368 2.805 20.172 3.349 15.604 3.349 18.953 
10 6.659 2.128 8.787 2.837 13.216 2.837 16.053 
11 23.114 1.432 24.546 2.324 32.929 2.324 35.253 
12 23.418 1.324 24.742 2.324 32.929 2.324 35.253 
13 17.152 1.314 18.466 1.417 14.910 1.417 16.327 
14 27.361 2.373 29.734 1.673 17.603 1.673 19.276 
15 21.114 0.873 21.987 1.798 18.914 1.798 20.712 
16 24.409 1.579 25.988 2.123 22.331 2.123 24.454 
17 35.216 1.520 36.736 2.324 38.068 2.324 40.392 
18 32.695 1.677 34.372 2.324 38.068 2.324 40.392 
19 22.644 1.677 24.320 2.324 24.449 2.324 26.773 
20 16.916 1.314 18.231 2.324 10.829 2.324 13.153 
ME
AN 19.762 1.794 21.556   19.907 2.389 22.296 
COV 0.400 0.315 0.360   0.456 0.201 0.404 
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Site 
1 
Pour 
3 
Surveyed 
Dead 
Load 
Surveyed 
Live 
Load 
Surveyed 
Peak 
Load 
Tribut
ary 
Area 
Predict
ed Dead 
Load 
Predict
ed Live 
Load 
Predict
ed Peak 
Load  
  kN kN kN sqm kN kN kN 
Load 
Cell 
# (ii) (iii) 
=(ii) + 
(iii)   (iv) (v) 
=(iv) + 
(v) 
1 15.024 2.550 17.574 2.837 13.595 2.837 16.431 
2 19.447 1.530 20.976 2.324 15.928 2.324 18.253 
3 17.093 1.432 18.525 2.324 15.928 2.324 18.253 
4 13.102 1.775 14.877 2.324 11.139 2.324 13.463 
5 12.641 1.294 13.935 2.837 13.595 2.837 16.431 
6 18.515 0.814 19.329 2.324 15.928 2.324 18.253 
7 0.000 0.000 0.000 NA 0.000 0.000 0.000 
8 8.287 0.902 9.189 2.324 11.139 2.324 13.463 
9 18.132 2.765 20.898 2.589 12.411 2.589 15.000 
10 19.025 2.589 21.614 2.589 12.411 2.589 15.000 
11 20.035 2.177 22.212 2.589 12.411 2.589 15.000 
12 18.152 1.932 20.084 2.589 12.411 2.589 15.000 
13 17.927 1.265 19.192 2.589 12.411 2.589 15.000 
14 14.582 1.942 16.524 2.589 12.411 2.589 15.000 
15 16.652 1.755 18.407 2.589 12.411 2.589 15.000 
16 11.905 1.216 13.121 2.589 12.411 2.589 15.000 
17 12.553 1.059 13.612 2.589 12.411 2.589 15.000 
18 12.376 1.363 13.739 2.589 12.411 2.589 15.000 
19 13.190 0.932 14.122 2.589 12.411 2.589 15.000 
20 11.935 2.040 13.974 2.589 12.411 2.589 15.000 
ME
AN 14.529 1.567 16.095   12.309 2.418 14.727 
COV 0.323 0.436 0.321   0.262 0.244 0.253 
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Site 
1 
Pour 
4 
Surveyed 
Dead 
Load 
Surveyed 
Live 
Load 
Surveyed 
Peak 
Load 
Tribut
ary 
Area 
Predict
ed Dead 
Load 
Predict
ed Live 
Load 
Predict
ed Peak 
Load  
  kN kN kN sqm kN kN kN 
Load 
Cell 
# (ii) (iii) 
=(ii) + 
(iii)   (iv) (v) 
=(iv) + 
(v) 
1 15.504 0.853 16.357 3.065 16.947 3.065 20.012 
2 24.458 0.785 25.242 2.596 26.371 2.596 28.968 
3 27.978 2.363 30.342 2.127 24.561 2.127 26.689 
4 17.613 1.785 19.398 2.596 21.564 2.596 24.161 
5 21.114 2.157 23.271 3.065 16.947 3.065 20.012 
6 27.498 2.010 29.508 2.596 26.371 2.596 28.968 
7 32.715 2.707 35.422 2.127 24.561 2.127 26.689 
8 22.908 1.991 24.899 2.596 21.564 2.596 24.161 
9 14.641 1.314 15.955 2.837 15.682 2.837 18.519 
10 18.525 1.187 19.711 2.403 13.283 2.403 15.685 
11 16.907 1.245 18.152 2.596 14.354 2.596 16.950 
12 15.102 0.932 16.034 2.596 14.354 2.596 16.950 
13 16.554 1.500 18.054 2.837 15.682 2.837 18.519 
14 22.791 3.158 25.948 3.349 18.515 3.349 21.864 
15 19.182 1.393 20.574 2.837 23.560 2.837 26.396 
16 22.349 2.256 24.605 2.837 23.560 2.837 26.396 
17 16.750 2.059 18.809 3.065 25.460 3.065 28.525 
18 15.151 0.775 15.926 3.065 25.460 3.065 28.525 
19 17.142 1.196 18.338 3.349 27.816 3.349 31.165 
20 21.094 0.637 21.732 3.349 27.816 3.349 31.165 
ME
AN 20.299 1.615 21.914   21.222 2.794 24.016 
COV 0.245 0.436 0.247   0.235 0.130 0.210 
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Site 
2 
Pour 
1 
Surveyed 
Dead 
Load 
Surveyed 
Live 
Load 
Surveyed 
Peak 
Load 
Tribut
ary 
Area 
Predict
ed Dead 
Load 
Predict
ed Live 
Load 
Predict
ed Peak 
Load  
  kN kN kN sqm kN kN kN 
Load 
Cell 
# (ii) (iii) 
=(ii) + 
(iii)   (iv) (v) 
=(iv) + 
(v) 
1 9.934 7.600 17.534 3.349 17.085 3.349 20.434 
2 12.494 9.591 22.085 3.349 17.085 3.349 20.434 
3 11.729 8.993 20.721 3.349 17.085 3.349 20.434 
4 11.680 8.306 19.986 3.349 17.085 3.349 20.434 
5 15.475 2.775 18.250 3.349 17.085 3.349 20.434 
6 23.918 3.138 27.057 3.349 17.085 3.349 20.434 
7 19.760 2.883 22.644 3.349 17.085 3.349 20.434 
8 19.721 3.138 22.859 3.349 17.085 3.349 20.434 
9 17.819 2.677 20.496 3.349 17.085 3.349 20.434 
10 16.426 3.128 19.554 3.349 17.085 3.349 20.434 
11 19.005 2.844 21.849 3.349 17.085 3.349 20.434 
12 15.328 2.461 17.789 3.349 17.085 3.349 20.434 
13 18.231 2.412 20.643 3.349 17.085 3.349 20.434 
14 0.000 0.000 0.000 3.349 0.000 3.349 3.349 
15 19.682 2.569 22.251 3.349 17.085 3.349 20.434 
16 20.447 2.560 23.006 3.349 17.085 3.349 20.434 
17 19.182 2.628 21.810 3.349 17.085 3.349 20.434 
18 17.887 2.913 20.800 3.349 17.085 3.349 20.434 
19 21.231 3.432 24.664 3.349 17.085 3.349 20.434 
20 17.191 3.373 20.565 3.349 17.085 3.349 20.434 
ME
AN 16.357 3.871 20.228   16.231 3.349 19.580 
COV 0.321 0.661 0.260   0.235 0.000 0.195 
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Site 
2 
Pour 
2 
Surveyed 
Dead 
Load 
Surveyed 
Live 
Load 
Surveyed 
Peak 
Load 
Tribut
ary 
Area 
Predict
ed Dead 
Load 
Predict
ed Live 
Load 
Predict
ed Peak 
Load  
  kN kN kN sqm kN kN kN 
Load 
Cell 
# (ii) (iii) 
=(ii) + 
(iii)   (iv) (v) 
=(iv) + 
(v) 
1 13.347 3.158 16.505 3.349 14.123 3.349 17.472 
2 11.876 2.981 14.857 3.349 14.123 3.349 17.472 
3 12.553 2.118 14.671 3.349 14.123 3.349 17.472 
4 14.122 2.873 16.995 3.349 14.123 3.349 17.472 
5 11.680 3.266 14.945 3.349 14.123 3.349 17.472 
6 14.936 2.942 17.878 3.349 14.123 3.349 17.472 
7 16.034 3.285 19.319 3.349 14.123 3.349 17.472 
8 14.504 2.834 17.338 3.349 14.123 3.349 17.472 
9 16.299 2.589 18.888 3.349 14.123 3.349 17.472 
10 13.612 3.138 16.750 3.349 14.123 3.349 17.472 
11 13.965 2.932 16.897 3.349 14.123 3.349 17.472 
12 14.739 3.011 17.750 3.349 14.123 3.349 17.472 
13 14.847 3.530 18.378 3.349 14.123 3.349 17.472 
14 0.000 0.000 0.000 3.349 0.000 3.349 3.349 
15 15.279 2.648 17.927 3.349 14.123 3.349 17.472 
16 12.827 2.667 15.495 3.349 14.123 3.349 17.472 
17 13.268 2.864 16.132 3.349 14.123 3.349 17.472 
18 12.955 2.893 15.848 3.349 14.123 3.349 17.472 
19 19.035 3.187 22.222 3.349 14.123 3.349 17.472 
20 13.357 3.158 16.514 3.349 14.123 3.349 17.472 
ME
AN 13.462 2.804 16.265   13.417 3.349 16.765 
COV 0.267 0.259 0.259   0.235 0.000 0.188 
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Site 
3 
Pour 
1 
Surveyed 
Dead 
Load 
Surveyed 
Live 
Load 
Surveyed 
Peak 
Load 
Tribut
ary 
Area 
Predict
ed Dead 
Load 
Predict
ed Live 
Load 
Predict
ed Peak 
Load  
  kN kN kN sqm kN kN kN 
Load 
Cell 
# (ii) (iii) 
=(ii) + 
(iii)   (iv) (v) 
=(iv) + 
(v) 
1 18.417 2.295 20.712 3.065 16.994 3.065 20.059 
2 18.711 2.324 21.035 3.065 16.994 3.065 20.059 
3 20.623 2.726 23.350 3.065 16.994 3.065 20.059 
4 16.279 2.491 18.770 2.596 14.393 2.596 16.990 
5 14.690 2.206 16.897 2.596 14.393 2.596 16.990 
6 20.182 2.030 22.212 2.806 15.554 2.806 18.360 
7 16.210 2.707 18.917 3.349 18.566 3.349 21.915 
8 18.221 2.765 20.986 3.349 18.566 3.349 21.915 
9 16.916 2.756 19.672 3.349 18.566 3.349 21.915 
10 14.916 2.030 16.946 2.837 15.725 2.837 18.562 
11 12.690 2.432 15.122 2.837 15.725 2.837 18.562 
12 17.073 2.108 19.182 3.065 16.994 3.065 20.059 
13 18.966 2.471 21.437 2.837 15.725 2.837 18.562 
14 0.000 0.000 0.000 2.837 0.000 2.837 2.837 
15 16.995 2.540 19.535 2.837 15.725 2.837 18.562 
16 16.916 2.275 19.192 2.403 13.319 2.403 15.722 
17 17.976 2.285 20.261 2.403 13.319 2.403 15.722 
18 10.523 2.187 12.709 2.596 14.393 2.596 16.990 
19 13.082 2.256 15.338 3.065 16.994 3.065 20.059 
20 12.876 2.363 15.240 2.596 14.393 2.596 16.990 
ME
AN 15.613 2.262 17.876   15.167 2.878 18.044 
COV 0.290 0.256 0.280   0.258 0.102 0.225 
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Site 
3 
Pour 
2 
Surveyed 
Dead 
Load 
Surveyed 
Live 
Load 
Surveyed 
Peak 
Load 
Tribut
ary 
Area 
Predict
ed Dead 
Load 
Predict
ed Live 
Load 
Predict
ed Peak 
Load  
  kN kN kN sqm kN kN kN 
Load 
Cell 
# (ii) (iii) 
=(ii) + 
(iii)   (iv) (v) 
=(iv) + 
(v) 
1 21.447 2.001 23.448 3.065 16.994 3.065 20.059 
2 19.525 2.393 21.918 3.349 18.566 3.349 21.915 
3 19.201 1.667 20.869 2.974 16.486 2.974 19.460 
4 16.936 2.491 19.427 3.065 16.994 3.065 20.059 
5 17.515 3.530 21.045 3.349 18.566 3.349 21.915 
6 18.642 2.265 20.908 2.974 16.486 2.974 19.460 
7 15.877 1.952 17.828 3.065 16.994 3.065 20.059 
8 16.348 3.403 19.751 3.349 18.566 3.349 21.915 
9 7.904 0.706 8.610 2.397 23.628 2.397 26.025 
10 31.538 1.422 32.960 2.324 32.929 2.324 35.253 
11 13.445 0.510 13.955 2.471 24.350 2.471 26.820 
12 23.987 1.393 25.380 3.038 16.841 3.038 19.879 
13 0.000 0.000 0.000 3.349 0.000 3.349 3.349 
14 0.000 0.000 0.000 3.349 0.000 3.349 3.349 
15 20.006 1.549 21.555 2.955 16.385 2.955 19.340 
16 19.907 2.030 21.937 3.038 16.841 3.038 19.879 
17 21.624 3.589 25.213 3.349 18.566 3.349 21.915 
18 20.584 3.020 23.605 2.955 16.385 2.955 19.340 
19 20.094 1.981 22.075 3.038 16.841 3.038 19.879 
20 19.603 1.991 21.594 3.349 18.566 3.349 21.915 
ME
AN 17.209 1.895 19.104   17.049 3.040 20.089 
COV 0.429 0.555 0.420   0.413 0.105 0.341 
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Site 
3 
Pour 
3 
Surveyed 
Dead 
Load 
Surveyed 
Live 
Load 
Surveyed 
Peak 
Load 
Tribut
ary 
Area 
Predict
ed Dead 
Load 
Predict
ed Live 
Load 
Predict
ed Peak 
Load  
  kN kN kN sqm kN kN kN 
Load 
Cell 
# (ii) (iii) 
=(ii) + 
(iii)   (iv) (v) 
=(iv) + 
(v) 
1 20.486 2.609 23.095 3.349 18.351 3.349 21.700 
2 18.495 2.108 20.604 3.349 18.351 3.349 21.700 
3 17.044 2.658 19.702 3.349 18.351 3.349 21.700 
4 19.005 1.814 20.820 3.349 18.351 3.349 21.700 
5 17.387 2.324 19.711 2.837 15.543 2.837 18.380 
6 16.112 1.726 17.838 2.837 15.543 2.837 18.380 
7 10.572 1.569 12.141 2.324 12.735 2.324 15.059 
8 12.611 1.442 14.053 2.324 12.735 2.324 15.059 
9 14.347 1.863 16.210 2.837 15.543 2.837 18.380 
10 15.053 1.373 16.426 2.837 15.543 2.837 18.380 
11 18.083 2.138 20.221 3.349 18.351 3.349 21.700 
12 19.957 1.755 21.712 3.349 18.351 3.349 21.700 
13 0.000 0.000 0.000 3.349 15.337 3.349 18.686 
14 0.000 0.000 0.000 3.349 0.000 3.349 3.349 
15 18.034 1.393 19.427 3.349 18.351 3.349 21.700 
16 20.908 0.873 21.781 3.349 18.351 3.349 21.700 
17 20.525 4.609 25.134 3.349 18.351 3.349 21.700 
18 20.359 5.531 25.890 3.349 18.351 3.349 21.700 
19 18.005 2.452 20.457 2.837 15.543 2.837 18.380 
20 19.633 1.991 21.624 2.837 15.543 2.837 18.380 
ME
AN 15.831 2.011 17.842   15.879 3.093 18.972 
COV 0.383 0.636 0.389   0.264 0.114 0.227 
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Site 
3 
Pour 
4 
Surveyed 
Dead 
Load 
Surveyed 
Live 
Load 
Surveyed 
Peak 
Load 
Tribut
ary 
Area 
Predict
ed Dead 
Load 
Predict
ed Live 
Load 
Predict
ed Peak 
Load  
  kN kN kN sqm kN kN kN 
Load 
Cell 
# (ii) (iii) 
=(ii) + 
(iii)   (iv) (v) 
=(iv) + 
(v) 
1 27.527 1.373 28.900 4.186 23.144 4.186 27.330 
2 13.033 1.726 14.759 2.324 12.849 2.324 15.173 
3 9.267 1.020 10.287 1.803 9.966 1.803 11.768 
4 0.000 0.000 0.000 2.000 11.057 2.000 13.057 
5 9.758 1.422 11.180 1.453 8.034 1.453 9.487 
6 13.563 3.628 17.191 2.111 11.668 2.111 13.779 
7 17.191 1.726 18.917 2.745 15.176 2.745 17.921 
8 18.780 3.060 21.839 3.349 18.515 3.349 21.864 
9 16.514 1.069 17.583 2.782 15.379 2.782 18.160 
10 18.299 1.471 19.770 2.782 15.379 2.782 18.160 
11 14.886 1.510 16.397 2.782 15.379 2.782 18.160 
12 19.015 3.334 22.349 3.349 18.515 3.349 21.864 
13 0.000 0.000 0.000 2.000 0.000 2.000 2.000 
14 0.000 0.000 0.000 2.000 0.000 2.000 2.000 
15 10.003 0.971 10.974 1.583 8.752 1.583 10.335 
16 13.553 1.991 15.544 2.416 13.355 2.416 15.771 
17 9.130 0.922 10.052 1.565 8.651 1.565 10.215 
18 19.790 2.001 21.790 3.349 18.515 3.349 21.864 
19 16.524 1.481 18.005 2.782 15.379 2.782 18.160 
20 0.000 0.000 0.000 2.000 11.057 2.000 13.057 
ME
AN 12.342 1.435 13.777   12.539 2.468 15.006 
COV 0.621 0.731 0.612   0.461 0.292 0.426 
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APPENDIX 6 - FORMWORK CONSTRUCTION SEQUENCE 
 
During the on site investigations it was noted that the formwork construction 
sequence was a definite contributor to the proportion of load, which was attracted 
to a particular vertical shore. It is a result of the on-site investigations that 
formwork construction sequence was deemed to directly and significantly affect 
loads in standards and hence the loading results attained from site investigations. 
The load results were affected by the arrangement of timber formwork, erection 
techniques and erection sequence, all of which will be discussed in the following 
section. 
Process of formwork erection 
The following depicts the formwork erection process, as observed on site during 
the 2 years of site investigations.  
a. The main vertical and horizontal members of the steel support scaffolding 
system is erected by scaffolding team.  
b. U-heads are dropped into the tubular steel shores and are roughly adjusted 
to predicted heights. Typically however, vertical RL of U-heads varies 
significantly (in the order of 200mm). Interestingly, these are not adjusted 
by scaffolding teams, (this is suggested for future erection sequences as an 
opportune time to adjust U-head heights as a preliminary safety measure).  
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Appendix Figure 47 - Leveling of Timber 
Bearer 
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c. A new team of Formworkers is then tasked with erection of the entire 
timber formwork system. A single bearer is placed over up to 4 U-heads 
and its associated vertical standard. The formworker then uses a basic 
angle device with laser level to adjust the height of the two outermost U-
heads. This is the point where the internal U-heads may not be correctly 
adjusted upward and may maintain a gap between the timber bearer above 
(Appendix Figure 50). Conversely, the opposite can also occur, where 
these U–heads may be over tightened and lead to a gap forming at the 
exterior U-head. These bearers form the basic set out for the concrete 
beams and run perpendicular to the direction of a traditionally formed 
beam. As seen in Appendix Figure 48. 
d. A further row of bearers is placed between each line of u-heads 
perpendicular to the concrete formed beams. As seen centrally in 
Appendix Figure 48. 
e. Depending on whether a traditionally formed deck (Appendix Figure 49) 
or a Bondek steel decking (Appendix Figure 48) is used, it will slightly 
alter the sequence; however essentially: timber joists or metal decking is 
placed perpendicular to the bearers in between the traditionally formed 
concrete beams of a one-way slab.  
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Appendix Figure 48 Traditionally formed beams supported by bearers and Slabs formed from metal 
decking (BONDEK) 
 
Appendix Figure 49 Traditionally formed beams and slabs supported by bearers and joists 
 
Separation between bearers and U-head 
Loose u-heads cause load to be redirected to alternate U-heads and hence larger 
COV in Load statistics. The support points for a timber bearer are obviously the 
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U-heads. However if a U-head is loose the timber bearer will span over it, take 
load and deflect until the point in time where it meets the U-head support. i.e a 
3.6m length of timber bearer will be supported by three or four u-heads even at 
maximum bay size of 1.83m. (seen in Appendix Figure 48).   
 
From on-site observation, the formation of a gap between bearer and U-head 
readily occurred. More concerning was that once formwork is laid, there is no 
check by formworkers either in the steel erection team or timber formwork team 
to ensure that all U-heads are erected to the same level and that there are no gaps 
between bearer and U-heads.  
 
The formation of a gap between u-head and bearer occurs as a result of imperfect 
levelling of u-heads, allowing one u-head to become redundant until enough load 
is applied to deform the bearer and form a new load path into the u-head. The gap 
has an effect on the distribution of load between shores, and importantly can cause 
overloading of some shores and redundancy of other shores. As can be seen in 
Appendix Figure 50, bearers  are typically aligned and levelled on the outermost 
U-heads. i.e. U-head 1 and 4.   
 
Appendix Figure 50 Alignment of Bearers under two future concrete beams 
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Appendix Figure 51: Example of a Formwork team adjusting timber Bearers (note gap between 
interior U-head and bearer) 
Note formwork layout around column location – 2 bearers either side of column.  
 
 
Appendix Figure 52: Formwork Erection  
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Effect of Gap between U-head and Bearer  
The formation of this gap has been postulated to cause the variance in dead and 
live load in U-heads positioned adjacent to each other and under the same bearer.  
In the investigations conducted as part of this research, there could have been 
multiple combinations of height variances and overlapping of bearers. Therefore, 
it is difficult to actually track load paths and determine the full extent of the 
problem.  
More prevalent was load cells situated under beams where the exact configuration 
of 4 U-heads and the associated load, was known. It was determined that where 
this occurred the outside U-heads typically were subjected to more load and hence 
verified the assumption that construction sequence does play a significant part in 
the COV of load.   
 
Appendix Figure 53: Gap between U-head and Bearer (Site 3 Pour 1) 
 
 
Appendix Figure 54: Gap Between U-head and Bearer (Site 2 Pour 1) 
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Effect of Point Loads on a Continuous Beam 
It has been suggested that the load transferred from each joist to the bearer below, 
can be simplified as a uniformly distributed load (UDL), Hurd (1989). Hurd 
(1989), asserted that stresses and strains should be checked by a more accurate 
calculation when the gap between joists / point loads was more than one third of 
the span. As was the case in the majority of the site’s investigated as a part of this 
thesis, the distance between point loads was generally less than one-third of the 
span of the bearer. 
 
In a study undertaken to determine if the point loads from joists could be 
simplified into a uniform distributed load (UDL), (Ikaheimonen, 1997) compared 
six beams ranging from 1 span to 6 spans acted upon by point loads versus beams 
acted apon by a UDL. Moments and deformations of these beams were confirmed 
through calculations on a rigidly fixed cantilever. The results showed that, in 
calculating shore loads, point loads can be replaced by a uniformly distributed 
load, (Ikaheimonen, 1997)  
 
Furthermore the study by (Ikaheimonen, 1997) utilised both the Beam method and 
tributary area method to estimate the loads applied to individual shores. The 
investigation compared the two methods across nine different sites. Following 
which he made the conclusion that the two methods were largely comparable. The 
Beam method did give a slightly better mean value of relative shore load  
As such, the Tributary area method has been utilised in the above investigation. 
 
APPENDIX 7 – ALL MOMENT-ROTATION TEST RESULTS  
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Appendix Figure 56: Moment Rotation for 250kg Tests 
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Appendix Figure 57: Moment Rotation for 750kg Tests 
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Appendix Figure 58: Moment Rotation for 1000kg Tests 
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Appendix Figure 59: Moment Rotation for 1200kg Tests 
Appendix 
    ______________________________________________________________ 
 
367 
 
Appendix Figure 60: Moment Rotation for 2400kg Tests 
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Appendix Figure 61: Moment Rotation for 2700kg Tests 
Appendix 
    _____________________________________________________________ 
 
369 
 APPENDIX 8 – MOMENT –ROTATION EXPERIMENTAL 
APPARATUS  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Appendix Figure 62: Loading frame showing hydraulic ram 
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Appendix Figure 63: Test Frame 
Appendix Figure 5.64: Timber Formwork Layout and U-head locations 
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Appendix Figure 5.65: Loading assembly showing lifting beams, hydraulic jack and safety frame (PLAN) 
Appendix 
    _____________________________________________________________ 
 
372 
APPENDIX 9 - MOMENT-ROTATION TEST OBSERVATIONS 
 
Initial set ups of the test rig is shown as below. The bearers were spaced equally at 
1830 mm apart, replicating the usual spacing on site between scaffolding 
components. Joists were equally spaced to ensure equal distribution of weight to 
each of the U-head components. As described in the test set-up, ply-board was 
also laid on top to fully replicate on site scaffolding.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Appendix Figure 5.1: Loading frame, Sub-frame and LVL Bearers 
Appendix Figure 5.2: Timber formwork assembly, showing bearers, joists and ply 
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Loading was applied through the loading frame as shown below. The loading 
frame would carry the force exerted onto the ply-board, into the joists and 
through the bearers to each load cell. The force and rotation at each load cell 
was then monitored and recorded. 
 
 
Appendix Figure 5.3: U-head with load cell, loading frame and white nylon plate 
 
The beginning of each test required the alignment of all bearers and joists are the 
correct distances and angles to each other. Similarly, each U-head plate must be 
level with each other to ensure that all plates would receive the same loading and 
rotation. This is shown as below. 
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Appendix Figure 5.4: Start Position for test 
 
 
Appendix Figure 5.5: Weight was applied evenly along the loading platform as shown below. 
 
As each test was conducted, measurement of the angle created and the type of 
failure was recorded through data from transducers, hydraulic ram and also photos 
as seen below. 
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Different Tests were recorded by rotating the U-heads, nailing the bearers to the 
rotated U-head and also by complete chocking the U-head, preventing any 
slippage or movement within. These are shown as below. 
 
There were 6 different configurations of the apparatus which aimed at identifying 
the different results related to the way scaffolding was set up on site, assuming 
different practices. These configurations are listed as non rotated, rotated, rotated 
and nailed, bolted, bolted and completely chocked and wet whilst non rotated. 
 
There was a clear and distinct pattern that occurred during the lead up to failure 
and the failure itself. As the eccentricity of the load gradually increased the 
capability of the bearers to keep the weight from shifting decreased to a point of 
instability where load had moved past the equilibrium point and p-delta effects 
were dominant. This lead to the destabilisation of the scaffolding and 
consequently the weight could no longer be held. 
 
Loading was applied through the loading frame as shown below. The loading 
frame would carry the force exerted onto the ply-board, into the joists and through 
the bearers to each load cell. The force and rotation at each load cell was then 
monitored and recorded. 
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APPENDIX 10 - MOMENT ROTATION RELATIONSHIP  
 
The internal moment acting at the interface between the U-head and the pivot 
plate, was required to determine the correct moment-rotation relationship. 
Accordingly, the free body diagrams (FBD) that cut through this interface were 
analysed to calculate the moment-rotation relationship through time.  
 
 
 
 
 
 
 
Appendix Figure 5.66: Reactions for Moment-Rotation Relationship Derivation 
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Reactions: 
 
 Consider FBD cut through pivots to determine the vertical reactions: 
 
∑        
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Note:  The horizontal reactions ( H ) may, and may not be zero. Horizontal 
equilibrium implies that the horizontal reactions at the Left and Right supports 
must be equal.                                     
        
Moment - rotations relationship: 
           
Note:  The moment sought to be determine are the internal moment acting at the 
interface between the U-head and the load-cell. 
Accordingly, consider FBD’s cut through this interface 
 
 
 
  
 
  
   
 
 
Notes:  1.)   and         can be obtained from the transducer readings 
(   ,              )  and the measured horizontal distances between the 
transducers 
                       2.)     and         should be nearly the same.  
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Moments (  ,  ): 
 
Consider FBD for Left pinned support; and take moments about the pin: 
   +  (         )   – (        ) (    
 
 
   - (          ) 
 
 
 = 0      (1) 
 
Consider FBD for Right pinned support; and take moments about the pin: 
   + (           )   – (        ) (    
 
 
   - (         ) 
 
 
 = 0     (2) 
 
 
Add equations (1) and (2): 
 
(       ) + (              )    - (         ) (   
  
 
 W) 
 - (        ) (   
  
 
                         ) 
 
 
 = 0 
 
 
(       ) - (                  )                        ) 
 
 
  
+ (                   + (               h 
  
 
    
 
Because         , the last two terms are negligible compared to the 2
nd
 and 3
rd
 
terms and can be ignored.  Thus: 
 
          (3) 
 
Here, (         /4 is the average of the moments exerted at each of the four U-
heads 
 
      
 
            
Thus: 
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M -     curve: 
 
 Define: M = (         /4      (4) 
    = (                 (5) 
 
 
Calculations as follows: 
 
1.) Determine    from (   ,      ) – readings, p2 
2.) Determine    from (          – readings. P2 
3.) Determine   from equation (5) 
4.) Determine M from equation (3) 
5.) Plot M vs.    relationship 
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APPENDIX 11 – STRESS-STRAIN RELATIONSHIP 
 
Stress – Strain Relationship for scaffolding components based on Experiments. The 
Ramberg-Osgood equation describes the non-linear stress and strain relationship in 
materials near their yield point. The equation Ramberg-Osgood equation is:  
  
 
 
  
  
 
 
 
  
  .  
 
 
Appendix Figure 4.67: Stress-Strain Curve for Standard 
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Appendix Figure 4.68: Stress-strain Curve for Ledger 
 
 
Appendix Figure 4.69: Stress-strain Curve for Jack 
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Appendix Figure 4.70: Stress-strain curve for Base Plate 
 
 
Appendix Figure 71: Stress-strain Curve for Brace 
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Appendix Figure 72: Stress-strain Curve for Spigot 
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APPENDIX 12 – ACCURATE STIFFNESS RELATIONSHIP 
(LOGARITHMIC) 
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Moment – Rotation Relationship 
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Since, 
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Example Moment – Rotation Curve 
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APPENDIX 13 - CALIBRATION OF LOAD-DEFLECTION 
RESPONSES BETWEEN FE AND FULL-SCALE TESTS 
 
 
Appendix Figure 73: Calibration of load-deflection responses at mid-height of the standard in the 3rd 
lift of the 2nd row of the frame for Test No. 2 
 
Appendix Figure 74: Calibration of load-deflection responses at mid-height of the standard in the 3rd 
lift of the 2nd row of the frame for Test No. 3 
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Appendix Figure 75: Calibration of load-deflection responses at mid-height of the standard in the 3rd 
lift of the 2nd row of the frame for Test No. 4  
 
 
Appendix Figure 76: Calibration of load-deflection responses at mid-height of the standard in the 3rd 
lift of the 2nd row of the frame for Test No. 5 
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Appendix Figure 77: Calibration of load-deflection responses at mid-height of the standard in the 3rd 
lift of the 2nd row of the frame for Test No. 6 
 
 
Appendix Figure 78: Calibration of load-deflection responses at mid-height of the standard in the 3rd 
lift of the 2nd row of the frame for Test No. 8 
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Appendix Figure 79: Calibration of load-deflection responses at mid-height of the standard in the 3rd 
lift of the 2nd row of the frame for Test No. 9 Test No. 2 
 
 
Appendix Figure 80: Calibration of load-deflection responses at mid-height of the standard of the 3rd 
lift of the 2nd row of the frame for Test No. 10 
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Figure 81: Calibration of load-deflection responses at mid-height of the standard in the 3rd lift of the 
2nd row of the frame for Test No. 11 
 
 
Figure 82: Calibration of load-deflection responses at mid-height of the standard in the 3rd lift of the 
2nd row of the frame for Test No. 12 
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Figure 83: Calibration of load-deflection responses at the 2nd lift of the 1st row of the frame for Test No. 
13 
 
 
Figure 84: Calibration of load-deflection responses at mid-height of the standard in the 3rd lift of the 
2nd row of the frame for Test No. 14 
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Figure 85: Calibration of load-deflection responses at mid-height of the standard in the 2nd lift of the 
2nd row of the frame for Test No. 15 
 
 
Figure 86: Calibration of load-deflection responses at mid-height of the standard in the 3rd lift of the 
2nd row of the frame for Test No. 16 
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Figure 87: Calibration of load-deflection responses at mid-height of the standard in the 3rd lift of the 
2nd row of the frame for Test No. 18 
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APPENDIX 14 - ACCURATE VS SIMPLIFIED CALIBRATION 
COMPARISON 
 
Appendix Figure 88: Calibration of load-deflection responses at mid-height of the standard in the 3rd 
lift of the 2nd row of the frame for Test No. 2 
 
 
 
Appendix Figure 89: Calibration of load-deflection responses at mid-height of the standard in the 3rd 
lift of the 2nd row of the frame for Test No. 3 
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Appendix Figure 90: Calibration of load-deflection responses at mid-height of the standard in the 3rd 
lift of the 2nd row of the frame for Test No. 4 
 
 
 
 
Appendix Figure 91: Calibration of load-deflection responses at mid-height of the standard in the 3rd 
lift of the 2nd row of the frame for Test No. 5 
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Appendix Figure 92: Calibration of load-deflection responses at mid-height of the standard in the 3rd 
lift of the 2nd row of the frame for Test No. 6 
 
 
 
 
Appendix Figure 93: Calibration of load-deflection responses at mid-height of the standard in the 3rd 
lift of the 2nd row of the frame for Test No. 8 
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Appendix Figure 94: Calibration of load-deflection responses at mid-height of the standard in the 3rd 
lift of the 2nd row of the frame for Test No. 9 
 
 
 
 
Appendix Figure 95: Calibration of load-deflection responses at mid-height of the standard of the 3rd 
lift of the 2nd row of the frame for Test No. 10 
 
 
0
10
20
30
40
50
60
0 2 4 6 8 10
L
o
ad
 (
k
N
) 
Deflection (mm) 
Full Scale Test Result FE Result LOG
0
10
20
30
40
50
60
70
0 0.5 1 1.5 2 2.5 3 3.5
L
o
ad
 (
k
N
) 
Deflection (mm) 
Full Scale Test Result FE Result LOG
Appendix 
    _____________________________________________________________ 
 
398 
 
Appendix Figure 96: Calibration of load-deflection responses at mid-height of the standard in the 3rd 
lift of the 2nd row of the frame for Test No. 11 
 
 
 
 
Appendix Figure 97: Calibration of load-deflection responses at mid-height of the standard in the 3rd 
lift of the 2nd row of the frame for Test No. 12 
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Appendix Figure 98:Calibration of load-deflection responses at the 2nd lift of the 1st row of the frame 
for Test No. 13 
 
 
 
 
Appendix Figure 99: Calibration of load-deflection responses at mid-height of the standard in the 2nd 
lift of the 2nd row of the frame for Test No. 15 
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Figure 100:Calibration of load-deflection responses at mid-height of the standard in the 3rd lift of the 
2nd row of the frame for Test No. 16 
 
 
 
 
Appendix Figure 101: Calibration of load-deflection responses at mid-height of the standard in the 3rd 
lift of the 2nd row of the frame for Test No. 18 
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APPENDIX 15 – CUPLOK JOINT PARAMETERS 
  
 
Bending about horizontal axis 
(kNm/rad) 
Bending about vertical axis 
(kNm/rad) 
Joint configuration k1 k2 k3 k1 k2 k3 
4-way 39 102 5.3 15 7.5 0.8 
3-way 36 87 5.1 14 7 1 
2-way 41 77 4.6 7.5 5 1.5 
Appendix Table 3: Mean Cuplok Joint Stiffness (kNm/rad) adopted from (T. Chandrangsu, & 
Rasmussen, K., 2008) 
 
Bending about horizontal axis 
(rad) 
Bending about vertical axis (rad) 
Joint configuration β 1 β 2 β 3 β 1 β 2 β 3 
4-way 0.014 0.036 0.16 0.02 0.04 0.1 
3-way 0.012 0.036 0.16 0.02 0.04 0.1 
2-way 0.007 0.036 0.16 0.02 0.04 0.1 
Appendix Table 4: Mean Rotation for Cuplok joints (rad) 
 
 
Bending about horizontal axis 
(kNm/rad) 
Joint configuration k1 k2 k3 
4-way 0.22 0.18 0.30 
3-way 0.38 0.21 0.37 
2-way 0.35 0.20 0.46 
Appendix Table 5: Coefficient of Variation (COV) of Cuplok joint stiffness 
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APPENDIX 16 – ALL MONTE CARLO SIMULATION 
HISTOGRAM RESULTS 
 
Appendix Figure 102: Histogram for the ultimate strength of 1x1 bay, 1 m lift height, 3 lifts, and 100 
mm top and bottom jack extensions support scaffold frame 
 
 
Appendix Figure 103: Histogram for the ultimate strength of 1x1 bay, 1 m lift height, 3 lifts, and 300 
mm top and bottom jack extensions support scaffold frame 
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Appendix Figure 104: Histogram for the ultimate strength of 1x1 bay, 1 m lift height, 3 lifts, and 600 
mm top and bottom jack extensions support scaffold frame 
 
 
Appendix Figure 105: Histogram for the ultimate strength of 3x3 bays, 1 m lift height, 3 lifts, and 100 
mm top and bottom jack extensions support scaffold frame 
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Appendix Figure 106: Histogram for the ultimate strength of 3x3 bays, 1 m lift height, 3 lifts, and 300 
mm top and bottom jack extensions support scaffold frame 
 
 
Appendix Figure 107: Histogram for the ultimate strength of 3x3 bays, 1 m lift height, 3 lifts, and 600 
mm top and bottom jack extensions support scaffold frame 
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Appendix Figure 108: Histogram for the ultimate strength of 3x6 bays, 1 m lift height, 3 lifts, and 100 
mm top and bottom jack extensions support  
 
 
Appendix Figure 109: Histogram for the ultimate strength of 3x6 bays, 1 m lift height, 3 lifts, and 300 
mm top and bottom jack extensions support scaffold frame 
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Appendix Figure 110: Histogram for the ultimate strength of 3x6 bays, 1 m lift height, 3 lifts, and 600 
mm top and bottom jack extensions support scaffold frame 
 
 
Appendix Figure 111: Histogram for the ultimate strength of 9x9 bays, 1 m lift height, 3 lifts, and 100 
mm top and bottom jack extensions support scaffold frame 
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Appendix Figure 112: Histogram for the ultimate strength of 9x9 bays, 1 m lift height, 3 lifts, and 300 
mm top and bottom jack extensions support scaffold frame 
 
 
Appendix Figure 113: Histogram for the ultimate strength of 9x9 bays, 1 m lift height, 3 lifts, and 600 
mm top and bottom jack extensions support scaffold frame 
 
 -
 0.05
 0.10
 0.15
 0.20
 0.25
 0.30
 0.35
 0.40
 0.45
R
el
at
iv
e 
fr
eq
u
en
cy
  
Frame Strengh (kN) 
Mean  121.00  
Std Dev  4.53  
COV   0.04  
 -
 0.05
 0.10
 0.15
 0.20
 0.25
 0.30
 0.35
 0.40
R
el
at
iv
e 
fr
eq
u
en
cy
  
Frame Strengh (kN) 
Mean  91.69  
Std Dev  1.22  
COV   0.01  
Appendix 
    _____________________________________________________________ 
 
408 
 
Appendix Figure 114: Histogram for the ultimate strength of 1x1 bay, 1.5 m lift height, 3 lifts, and 100 
mm top and bottom jack extensions support scaffold frame 
 
 
Appendix Figure 115: Histogram for the ultimate strength of 1x1 bay, 1.5 m lift height, 3 lifts, and 300 
mm top and bottom jack extensions support scaffold frame 
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Appendix Figure 116: Histogram for the ultimate strength of 1x1 bay, 1.5 m lift height, 3 lifts, and 600 
mm top and bottom jack extensions support scaffold frame 
 
 
Appendix Figure 117: Histogram for the ultimate strength of 3x3 bays, 1.5 m lift height, 3 lifts, and 100 
mm top and bottom jack extensions support scaffold frame 
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Appendix Figure 118: Histogram for the ultimate strength of 3x3 bays, 1.5 m lift height, 3 lifts, and 300 
mm top and bottom jack extensions support scaffold frame 
 
 
Appendix Figure 119: Histogram for the ultimate strength of 3x3 bays, 1.5 m lift height, 3 lifts, and 600 
mm top and bottom jack extensions support scaffold frame 
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Appendix Figure 120: Histogram for the ultimate strength of 3x6 bays, 1.5 m lift height, 3 lifts, and 100 
mm top and bottom jack extensions support scaffold frame 
 
 
Appendix Figure 121: Histogram for the ultimate strength of 3x6 bays, 1.5 m lift height, 3 lifts, and 300 
mm top and bottom jack extensions support scaffold frame 
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Appendix Figure 122: Histogram for the ultimate strength of 3x6 bays, 1.5 m lift height, 3 lifts, and 600 
mm top and bottom jack extensions support scaffold frame 
 
 
Appendix Figure 123: Histogram for the ultimate strength of 9x9 bays, 1.5 m lift height, 3 lifts, and 100 
mm top and bottom jack extensions support scaffold frame 
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Appendix Figure 124: Histogram for the ultimate strength of 9x9 bays, 1.5 m lift height, 3 lifts, and 300 
mm top and bottom jack extensions support scaffold frame 
 
 
Appendix Figure 125: Histogram for the ultimate strength of 9x9 bays, 1.5 m lift height, 3 lifts, and 600 
mm top and bottom jack extensions support scaffold frame 
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Appendix Figure 126: Histogram for the ultimate strength of 1x1 bay, 2 m lift height, 3 lifts, and 100 
mm top and bottom jack extensions support scaffold frame 
 
 
Appendix Figure 127: Histogram for the ultimate strength of 1x1 bay, 2 m lift height, 3 lifts, and 300 
mm top and bottom jack extensions support scaffold frame 
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Appendix Figure 128: Histogram for the ultimate strength of 1x1 bay, 2 m lift height, 3 lifts, and 600 
mm top and bottom jack extensions support scaffold frame 
 
 
Appendix Figure 129: Histogram for the ultimate strength of 3x3 bays, 2 m lift height, 3 lifts, and 100 
mm top and bottom jack extensions support scaffold frame 
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Appendix Figure 130: Histogram for the ultimate strength of 3x3 bays, 2 m lift height, 3 lifts, and 300 
mm top and bottom jack extensions support scaffold frame 
 
 
Appendix Figure 131: Histogram for the ultimate strength of 3x3 bays, 2 m lift height, 3 lifts, and 600 
mm top and bottom jack extensions support scaffold frame 
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Appendix Figure 132: Histogram for the ultimate strength of 3x6 bays, 2 m lift height, 3 lifts, and 100 
mm top and bottom jack extensions support scaffold frame 
 
 
Appendix Figure 133: Histogram for the ultimate strength of 3x6 bays, 2 m lift height, 3 lifts, and 300 
mm top and bottom jack extensions support scaffold frame 
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Appendix Figure 134: Histogram for the ultimate strength of 3x6 bays, 2 m lift height, 3 lifts, and 600 
mm top and bottom jack extensions support scaffold frame 
 
 
Appendix Figure 135: Histogram for the ultimate strength of 9x9 bays, 2 m lift height, 3 lifts, and 100 
mm top and bottom jack extensions support scaffold frame 
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Appendix Figure 136: Histogram for the ultimate strength of 9x9 bays, 2 m lift height, 3 lifts, and 300 
mm top and bottom jack extensions support scaffold frame 
 
 
Appendix Figure 137: Histogram for the ultimate strength of 9x9 bays, 2 m lift height, 3 lifts, and 600 
mm top and bottom jack extensions support scaffold frame 
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APPENDIX 17 – ULTIMATE LOAD VS OUT-OF 
STRAIGHTNESS (STANDARD) RESULTS L/500 AND L/300 
 
NOMINAL RESULTS L/700 L/500 L/300 
Lift 
height 
(m)  
Jack 
extensions 
(mm)  
Number 
of lifts  
Num
ber 
of 
bays  
Rn (kN)  
Rn 
(kN)  
(% 
reducti
on) 
Rn (kN) 
(% 
reduction
) 
1 100 3 1x1  
134 134 133.875 
  0.00% -0.09% 
1 300 3 1x1  
122.2 122 121.875 
  -0.16% -0.27% 
1 600 3 1x1  
90.1 89.4 88.3 
  -0.78% -2.00% 
1 100 3 3x3  
129.5 127 127 
  -1.93% -1.93% 
1 300 3 3x3  
113.45 113.45 113 
  0.00% -0.40% 
1 600 3 3x3  
87.4 84.75 82.85 
  -3.03% -5.21% 
1 100 3 3x6  
129.5 127 129 
  -1.93% -0.39% 
1 300 3 3x6  
113 113.25 113 
  0.22% 0.00% 
1 600 3 3x6  
86.75 86.25 86 
  -0.58% -0.86% 
1 100 3 9x9  
129 129 125.7 
  0.00% -2.56% 
1 300 3 9x9  
116.25 116.2 115.875 
  -0.04% -0.32% 
1 600 3 9x9  
91.6 90.85 89.6 
  -0.82% -2.18% 
1.5 100 3 1x1  
119 115 109.875 
  -3.36% -7.67% 
1.5 300 3 1x1  
106.675 106 102 
  -0.63% -4.38% 
1.5 600 3 1x1  
72 70.8 68.4 
  -1.67% -5.00% 
1.5 100 3 3x3  
115 113 108 
  -1.74% -6.09% 
1.5 300 3 3x3  105.4 104.2 100.65 
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  -1.14% -4.51% 
1.5 600 3 3x3  
71 69 68 
  -2.82% -4.23% 
1.5 100 3 3x6  
115 113 107.5 
  -1.74% -6.52% 
1.5 300 3 3x6  
105.2 104.07 100.45 
  -1.07% -4.52% 
1.5 600 3 3x6  
74.1 71 69 
  -4.18% -6.88% 
1.5 100 3 9x9  
120.25 118.4 112 
  -1.54% -6.86% 
1.5 300 3 9x9  
108.45 107.7 104.5 
  -0.69% -3.64% 
1.5 600 3 9x9  
75 73 71 
  -2.67% -5.33% 
2 100 3 1x1  
86.075 83.9 79 
  -2.53% -8.22% 
2 300 3 1x1  
76.275 74.85 71.7 
  -1.87% -6.00% 
2 600 3 1x1  
56.45 55.4 52.85 
  -1.86% -6.38% 
2 100 3 3x3  
87.9 85.2 80.075 
  -3.07% -8.90% 
2 300 3 3x3  
79.85 77.4 71 
  -3.07% -11.08% 
2 600 3 3x3  
58.475 57.4 54.85 
  -1.84% -6.20% 
2 100 3 3x6  
87.9 85.2 80.075 
  -3.07% -8.90% 
2 300 3 3x6  
79.9 77.85 70.6 
  -2.57% -11.64% 
2 600 3 3x6  
60.1 58.85 56.3 
  -2.08% -6.32% 
2 100 3 9x9  
90.275 87.25 81.9 
  -3.35% -9.28% 
2 300 3 9x9  
81.9 79.85 74.8875 
  -2.50% -8.56% 
2 600 3 9x9  
61.65 60.4 57.65 
  -2.03% -6.49% 
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APPENDIX 18 - FORM FLOWCHART  
 
Iterative Flowchart to calculate system resistance using FORM 
(adopted from (T. Chandrangsu, 2010)) 
 
a) Formulate the limit state function           where R is system 
resistance, D is dead load effect, and L is live load effect, and determine 
the probability distributions with appropriate parameters for all random 
variables                    . For example, assume R is lognormal, D is 
normal, L is type I extreme value distribution, and L/D = 0.5, (however, 
when       = 0.5,     = 0.4762 is used in Section 8.5.2, according to the 
load statistics in Section 8.5.1).  
b) Obtain an initial design point by assuming  *     and then  *     
     . Set    ,  *        then using    , evaluate at the mean 
values,         . 
c) Determine the equivalent normal parameters for      
  and   
   and       
  
and   
   only since   is assumed normal.  
d) Calculate the partial derivatives of the limit state function with respect to 
the   reduced variates and define a column vector           
e) Calculate a column vector of the sensitivity factors   for     and   (see 
Eq. (2.24)). 
f) Choose a value for the target reliability index    . 
g) Find a new design point in reduced variates for       variables. 
Choosing the variables for   and  , then   
      and   
       
h) Compute the values of corresponding design point in original coordinates 
for   and  , then  *       
    and  *       
     
i) Solve for the value of the remaining random variable   by setting the limit 
state function    , then  *  *   * and update the mean value of   as 
    */          
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j) Repeat steps (b) to (i) with successive new design points until the design 
points converge. 
k) Choose load factors:    and    
l) Compute system resistance factor as          
                    ⁄⁄
      ⁄
  
More information on the code calibration procedure by FOSM and FORM can be 
found in Melchers (1999), and Nowak and Collins (2000). 
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APPENDIX 19 - MATLAB PROGRAM FOR CALCULATING 
BETA     
%------------------------------------------------------------------------------------------------
---% 
%  -----  Beta Calculation Using First-Order-Second-Moment Method  -----  % 
%------------------------------------------------------------------------------------------------
-----% 
% James Reynolds 
% Started- 19/5/12,  Last Modified- 1/10/13 
%-----------------------------% 
       % Program Inputs% 
%-----------------------------% 
clear all; 
clc; 
% Safety Factor Inputs 
DFactor = input('Enter the dead load safety factor ='); 
LFactor = input('Enter the live load safety factor ='); 
% Enter Mean Values required 
meanDnorm = input('Enter mean DL Value ='); 
% Enter lamdas- Bias factors of resistance and Load 
lamdaD = input('Enter Lamda D Value='); 
lamdaR = input('Enter Lamda R Value ='); 
lamdaL = input('Enter Lamda L Value ='); 
% Enter Coefficient of Variations 
CovD = input('Enter C.O.V of DL = '); 
CovR = input('Enter C.O.V of Resistance = '); 
CovL =  input('Enter C.O.V of LL = '); 
%------------------------------------------------------% 
        %Loop for LL/DL Ratio & Varying Rfactors 
%-------------------------------------------------------% 
% Loop for Rfactors 
graph_loop = 0; 
for RFactor= 0.75:.05:0.9 
Appendix 
    _____________________________________________________________ 
 
425 
    graph_loop = graph_loop+1; 
%Initialise Variables 
i = 1; 
meanLtoD = 0; 
% Assign for loop for the desired range of mean Live to dead load ratio 
    for meanLtoD = 0.03:.01:2 
 
%--------------------------------------------------% 
              %Initial Calculations% 
%--------------------------------------------------% 
% Calculation of Mean R Using the respective lamda and safety factors 
% within the design equation. 
meanR = 
(lamdaR*((DFactor*(meanDnorm/lamdaD))+(LFactor*(meanLtoD*meanDnorm)
/lamdaL)))/RFactor; 
% Calculate the sigmas from the inputs used, note that D is normalised already 
sigmaDnorm = CovD * meanDnorm; 
sigmaR = CovR * meanR; 
sigmaL = CovL * (meanLtoD*meanDnorm); 
% Estimate the starting design points- Assume that initial design point 
% occurs at the mean. 
Rstar = meanR; 
Lstar = meanLtoD * meanDnorm; 
 
%---------------------------------------------------------------% 
                % Establish the Loop for iteration% 
%---------------------------------------------------------------% 
% Used for Iteration counter. 
iterations = 0; 
% Start with an intial estimate of beta of 1.5, then add on an extra 10% more than 
the intial limit state 
beta = 2.5; 
beta_prev = beta + 0.1 * beta; 
% Establish loop until beta convergences 
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while abs(beta - beta_prev) > 0.0000000001 
     %Use the previously calculated beta as the new starting beta so 
     %iteration can occur 
     beta_prev = beta; 
  
      %---------------------------------------------------% 
            % Normalisation of Design Parameters% 
        %---------------------------------------------------% 
    % In this section, the equivalent normal parameters for R and L 
        % must be determined (Note; Dead Load already Normal Distribution), 
        % Resistance Distribution to be converted from LOGNORMAL--
>NORMAL. 
        % Live Load Distributions to be converted from TYPE 1 --> NORMAL. 
  
     % Converting LOGNORMAL variable to NORMAL --> (See Example 
5.8 AAS56.1) 
         sigmaRnorm = Rstar * sqrt(log(1 +((sigmaR^2)/(meanR^2)))); 
         meanRnorm = Rstar * (1- log(Rstar)+ (log(meanR)-(0.5*((log(1 
+((sigmaR^2)/(meanR^2)))))))); 
        % Converting  TYPE 1 Variables to NORMAL -----> (Chapter 5 approach)     
     % (a) First Determine distribution parameters u and a 
         a = sqrt(pi^2/(6*(sigmaL^2))); 
         u = (meanLtoD*meanDnorm) - (0.5772/a); 
         FL = exp(-exp(-a*(Lstar-u))); 
         fl = a*exp(-a*(Lstar-u))*exp(-exp(-a*(Lstar-u))); 
           % (b)Set up the equivalent normal sigma and mean using CDF and PDF 
        %   functions, Where norminv is the inverse of the CDF function. 
                invTHI = norminv(FL,0,1) ;       
         thi = normpdf(invTHI,0,1); 
                 sigmaLnorm = (1/fl)* thi; 
        meanLnorm = Lstar - (sigmaLnorm * invTHI); 
             %---------------------------------------------------------% 
           %Calculation of beta and Corresponding Failure point% 
        %---------------------------------------------------------% 
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                % Calculation of BETA 
        beta = (meanRnorm - meanDnorm - 
meanLnorm)/sqrt((sigmaRnorm^2)+(sigmaDnorm^2)+(sigmaLnorm)^2); 
            % Find AlphaR and corresponding R failure point 
        alphaR = 
sigmaRnorm/sqrt((sigmaRnorm^2)+(sigmaDnorm^2)+(sigmaLnorm)^2); 
        Rstar = meanRnorm - (alphaR * beta * sigmaRnorm); 
        % Find AlphaL and corresponding R failure point 
        alphaL = -
sigmaLnorm/sqrt((sigmaRnorm^2)+(sigmaDnorm^2)+(sigmaLnorm)^2); 
        Lstar = meanLnorm - (alphaL * beta * sigmaLnorm);     
          %count the number of iterations 
        iterations = iterations + 1; 
      end  
%------------------------------------------------% 
          % Display Results and Graph% 
%------------------------------------------------% 
% Graph the resistance factor required to maintain the target beta 
% for the varying dead to live load ratios. 
x(i) = meanLtoD; 
y(graph_loop,i) = beta; 
plot(x,y); 
xlabel('Live to Dead Ratio') 
ylabel('Beta') 
Title('Beta for Varying Live to dead Ratio') 
legend ('RFactor= 0.75','RFactor= 0.8','RFactor= 0.85', 'RFactor= 0.9'); 
axis([0 2.2 0 4.5]); 
i = i+1; 
end 
end 
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APPENDIX 20 – ALL BETA GRAPHS  
 
Appendix Figure 138: Scaffolding System Reliability – 1.0m_100mm jack extension (R=1.09 COV 
=0.11) 
 
Appendix Figure 139: Scaffolding System Reliability – 1.5m_100mm jack extension (R=1.10 COV 
=0.11) 
 
Appendix Figure 140: Scaffolding System Reliability – 2.0m_100mm jack extension (R=1.13 COV 
=0.10) 
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Appendix Figure 141: Scaffolding System Reliability – 1.0m_300mm jack extension (R=1.06 COV 
=0.10) 
 
Appendix Figure 142: Scaffolding System Reliability – 1.5m_300mm jack extension (R=1.08 COV 
=0.09) 
 
Appendix Figure 143: Scaffolding System Reliability – 2.0m_300mm jack extension (R=1.12 COV 
=0.10) 
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Appendix Figure 144: Scaffolding System Reliability – 1.0m_600mm jack extension (R=1.04 COV 
=0.08) 
 
Figure 145: Scaffolding System Reliability – 1.5m_600mm jack extension (R=1.04 COV =0.08) 
 
 
Figure 146: Scaffolding System Reliability – 2.0m_600mm jack extension (R=1.05 COV =0.08) 
 
  
0 0.1 0.2 0.3 0.4 0.5 0.6 0.7
1.5
2
2.5
3
3.5
4
Live to Dead Ratio
B
e
ta
Beta for Varying Nominal Live to Dead Load Ratios
 
 
Resistance Factor= 0.75
Resistance Factor= 0.8
Resistance Factor= 0.85
Resistance Factor= 0.9
2.6073
2.2762
1.9745
1.699
0 0.1 0.2 0.3 0.4 0.5 0.6 0.7
1.5
2
2.5
3
3.5
4
Live to Dead Ratio
B
e
ta
Beta for Varying Nominal Live to Dead Load Ratios
 
 
Resistance Factor= 0.75
Resistance Factor= 0.8
Resistance Factor= 0.85
Resistance Factor= 0.9
2.6073
2.2762
1.9745
1.699
0 0.1 0.2 0.3 0.4 0.5 0.6 0.7
1.5
2
2.5
3
3.5
4
Live to Dead Ratio
B
e
ta
Beta for Varying Nominal Live to Dead Load Ratios
 
 
Resistance Factor= 0.75
Resistance Factor= 0.8
Resistance Factor= 0.85
Resistance Factor= 0.9
2.6572
2.3247
2.0215
1.7445
Appendix 
    _____________________________________________________________ 
 
431 
APPENDIX 21 - SELECTIVE BRACE LOCATIONS AND 
MODELS  
 
 
Appendix Figure 147: Full Bracing Model (a) 9x9  
 
Appendix Figure 148: Full Bracing Model (b) 3x6 (c) 3x3 (c) 2x2 
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Appendix Figure 149: Core Bracing Model (a) 9x9 
 
 
Appendix Figure 150: Core Bracing Model (b) 3x6 (c) 3x3 (c) 2x2 
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Appendix Figure 151: Optimised Bracing Model (a) 9x9 
 
Appendix Figure 152: Optimised Bracing Model (b) 3x6 (c) 3x3 (c) 2x2 
APPENDIX 22 – ULTIMATE STRENGTH RESULTS FOR 
SELECTIVE BRACE MODELS  
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Name 1 
Nominal Load (kN) 111 
Failure Mode  
Capacity Reduct (%) 0 
No. Of Braces 12 
Bracing Reduct (%) 0 
 
  
  
 
Name 4 
Nominal Load 105 
Failure Mode  
Capacity Reduct(%) 
 
5.41 
No. Of Braces 8 
Bracing Reduct(%) 33.3
3  
  
  
 
Name 7 
Nominal Load 56.5 
Failure Mode  
Capacity Reduct(%) 
 
49.1
0 No. Of Braces 3 
Bracing Reduct(%) 75.0
0 
 
  
  
 
2 
53.125 
A 
52.14 
4 
66.67 
 
  
  
 
5 
69.7 
 
37.21 
4 
66.67 
 
  
  
 
 
8 
52.5 
 
52.70 
4 
66.67 
 
 
  
  
 
3 
68 
 
38.74 
7 
41.67 
 
 
  
  
 
6 
56.625 
 
48.99 
4 
66.67 
 
  
  
 
 
9 
107 
 
3.60 
6 
50.00 
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Name 10 
Nominal Load 52.5 
Failure Mode  
Capacity Reduct(%) 
 
52.7
0 No. Of Braces 4 
Bracing Reduct(%) 66.6
7  
  
  
 
Name 13 
Nominal Load 45 
Failure Mode  
Capacity Reduct(%) 
 
59.4
6 No. Of Braces 2 
Bracing Reduct(%) 83.3
3  
  
  
 
Name 16 
Nominal Load 67.4 
Failure Mode  
Capacity Reduct(%) 
 
39.2
8 No. Of Braces 6 
Bracing Reduct(%) 50.0
0  
 
 
  
  
 
11 
45 
B 
59.45 
2 
83.33 
 
  
  
 
14 
108.05 
 
2.66 
6 
50.00 
 
  
  
 
17 
67.6 
 
39.10 
7 
41.67 
 
 
 
  
  
 
12 
49.25 
 
55.63 
2 
83.33 
 
  
  
 
15 
107 
 
3.60 
6 
50.00 
 
  
  
 
18 
67.2 
 
39.46 
6 
50.00 
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Name 19 
Nominal Load 59 
Failure Mode  
Capacity Reduction (%) 
No. Of Braces 
 
46.85 
. f r  6 
Bracing Reduct(%) 50.00 
 
  
  
 
Name 22 
Nominal Load 56.125 
Failure Mode  
Capacity Reduct(%) 
 
49.44 
No. Of Braces 3 
Bracing Reduct(%) 75.00 
 
  
  
 
Name 25 
Nominal Load 107 
Failure Mode  
Capacity Reduct(%) 
 
3.60 
No. Of Braces 7 
Bracing Reduct(%) 41.67 
 
 
  
  
 
 
20 
55.5 
 
50.00 
6 
50.00 
 
  
  
 
23 
41.25 
 
62.84 
2 
83.33 
 
  
  
 
26 
39.7 
 
64.23 
4 
66.67 
 
 
  
  
 
 
21 
54.06 
 
51.30 
3 
75.00 
 
  
  
 
24 
57.25 
 
48.42 
5 
58.33 
 
  
  
 
27 
52.5 
 
52.70 
3 
75.00 
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Name 28 
Nominal Load 43.125 
Failure Mode  
Capacity Reduct(%) 
 
61.15 
No. Of Braces 2 
Bracing Reduct(%) 83.33 
 
  
  
 
 
 
 
 
 
 
 
 
 
 
  
 
29 
43.125 
 
61.15 
3 
75.00 
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Graphical Results -9 x 9 Bay 
Systems 
         
         
         
         
         
         
         
         
         
 
Name F 
Nominal Load (kN) 113.4 
Failure Mode Spigot 
Capacity Reduction 
(%) 
- 
No. Of Braces 
Bracing Reduction 
(%) 
60 
Bracing Reduction 
(%) 
- 
 
         
         
         
         
         
         
         
         
         
 
Name  
Nominal Load  
Failure Mode  
Capacity Reduction 
(%) 
 
No. Of Braces 
Bracing Reduction 
(%) 
 
Bracing Reduction 
(%) 
 
 
 
         
         
         
         
         
         
         
         
         
 
Name P 
Nominal Load 45 
Failure Mode  
Capacity Reduction 
(%) 
-60 
No. Of Braces 
Bracing Reduction 
(%) 
12 
Bracing Reduction 
(%) 
-80 
 
         
         
         
         
         
         
         
         
         
 
Name  
Nominal Load  
Failure Mode  
Capacity Reduction 
(%) 
 
No. Of Braces 
Bracing Reduction 
(%) 
 
Bracing Reduction 
(%) 
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Name  
Nominal Load  
Failure Mode  
Capacity Reduction 
(%) 
 
No. Of Braces 
Bracing Reduction 
(%) 
 
Bracing Reduction 
(%) 
 
 
 
         
         
         
         
         
         
         
         
         
 
Name C13 
Nominal Load 91.2 
Failure Mode  
Capacity Reduction 
(%) 
 
No. Of Braces 
Bracing Reduction 
(%) 
 
Bracing Reduction 
(%) 
 
 
         
         
         
         
         
         
         
         
         
 
Name C12 
Nominal Load 62.2 
Failure Mode  
Capacity Reduction 
(%) 
 
No. Of Braces 
Bracing Reduction 
(%) 
 
Bracing Reduction 
(%) 
 
 
 
         
         
         
         
         
         
         
         
         
 
Name C11 
Nominal Load 95.95 
Failure Mode  
Capacity Reduction 
(%) 
 
No. Of Braces 
Bracing Reduction 
(%) 
 
Bracing Reduction 
(%) 
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Name C10 
Nominal Load 91.6 
Failure Mode  
Capacity Reduction 
(%) 
 
No. Of Braces 
Bracing Reduction 
(%) 
 
Bracing Reduction 
(%) 
 
 
 
         
         
         
         
         
         
         
         
         
 
Name C9 
Nominal Load 52.5 
Failure Mode  
Capacity Reduction 
(%) 
 
No. Of Braces 
Bracing Reduction 
(%) 
 
Bracing Reduction 
(%) 
 
  
         
         
         
         
         
         
         
         
         
 
Name C8 
Nominal Load 98.25 
Failure Mode  
Capacity Reduction 
(%) 
 
No. Of Braces 
Bracing Reduction 
(%) 
 
Bracing Reduction 
(%) 
 
 
 
         
         
         
         
         
         
         
         
         
 
Name C1 
Nominal Load 50 
Failure Mode  
Capacity Reduction (%)  
No. Of Braces 
Bracing Reduction (%) 
 
Bracing Reduction (%)  
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Name C7 
Nominal Load 97.2 
Failure Mode  
Capacity Reduction (%)  
No. Of Braces 
Bracing Reduction (%) 
 
Bracing Reduction (%)  
 
         
         
         
         
         
         
         
         
         
 
Name C4 
Nominal Load 111 
Failure Mode  
Capacity Reduction 
(%) 
 
No. Of Braces 
Bracing Reduction 
(%) 
 
Bracing Reduction 
(%) 
 
 
         
         
         
         
         
         
         
         
         
 
Name C3 
Nominal Load 62.5 
Failure Mode  
Capacity Reduction 
(%) 
 
 
 
         
         
         
         
         
         
         
         
         
 
Name C2 
Nominal Load 62.1 
Failure Mode  
Capacity Reduction 
(%) 
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APPENDIX 23 – PHASE TWO MODEL FAILURES  
          
Appendix Figure 153: Simulation Set 1 – Remove Bottom lift of Bracing (Top and Middle Bracing)                           
(a) ST 14 -1a      (b) ST 9 – 1a 
 
        
Appendix Figure 154: Simulation Set 2 – Remove Top and Bottom lift of Bracing (Middle Bracing 
only)             (a) ST 14 – 2c     (b) ST 9 – 2c 
 
        
Appendix Figure 155: Simulation Set 2 – Remove Middle and Bottom lift of Bracing (Top Bracing 
only)                 (a) ST 14 – 2a      (b) ST 9 – 2a  
Appendix 
    _____________________________________________________________ 
 
443 
     
          
Appendix Figure 156: Simulation Set 2 – Remove Top and Middle lift of Bracing (Bottom Bracing 
only) (a) ST 14 – 2b     (b) ST 9 – 2b 
 
    
Appendix Figure 157: Simulation Set 3 – Remove All Bracing (No Top, Bottom or Middle Bracing)                     
(a) ST 14 – 3a     (b) ST 9 – 3a 
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APPENDIX 24 - SPIGOTLESS FAILURE MODES 
 
 
Appendix Figure 158: Failure mode of 1.5m lift_100mm ext_ 3 x 3 Bay System with a) existing spigot b) 
no spigot joint 
 
 
Appendix Figure 159: Failure mode of 1.5m lift_300mm ext_ 3 x 3 Bay System with a) existing spigot b) 
no spigot joint 
 
   
Appendix Figure 160: Failure mode of 1.5m lift_600mm ext_ 3 x 3 Bay System with a) existing spigot b) 
no spigot joint 
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Appendix Figure 161: Failure mode of 1.0m lift_100mm ext_ 3 x 3 Bay System with a) existing spigot b) 
no spigot joint 
 
Appendix Figure 162: Failure mode of 1.0m lift_300mm ext_ 3 x 3 Bay System with a) existing spigot b) 
no spigot joint 
 
Appendix Figure 163: Failure mode of 1.0m lift_600mm ext_ 3 x 3 Bay System with a) existing spigot b) 
no spigot joint 
 
 
